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Abstract 
 

Recent landslides from Wellington fill slopes have occurred as potentially hazardous, 

mobile debris flow-slides with long runouts during heavy rainstorms. Globally, 

catastrophic landslides from fill slopes are well documented, and in many instances 

their rapid failure and long runout suggests that their shear zones may be subject to 

liquefaction. Various generations of fill slopes throughout Wellington, and urban New 

Zealand, have been constructed using different practices and at variable scales. Despite 

this, very few laboratory based studies to determine how different fill slopes may 

perform during rainstorms have been attempted, as conventional laboratory tests do not 

adequately simulate the failure conditions in the slope.  

This study uses a novel, dynamic back-pressured shear box to conduct rapid shear and 

specialist pore pressure inflation tests in order to replicate rainfall induced failure 

conditions in fill slopes with different consolidation histories and particle size 

characteristics. During each test, excess pore-water pressures and deformation were 

monitored until failure in order to determine the failure mechanisms operating.  

This study demonstrates that the failure mechanisms in fill slopes are strongly 

influenced by the consolidation history and particle size characteristics of the shear 

zone materials. In over-consolidated and fine grained (< 0.4 mm) fills where cohesion 

is present, brittle failure was observed. In these materials, failures occur more rapidly 

but require much higher pore-water pressures to initiate. Conversely, normally-

consolidated fill slopes constructed from coarser material (0.4 - 2 mm) fail through 

ductile deformation processes, which typically initiate at much lower pore-water 

pressures but result in a less rapid slope failure. Although liquefaction was not 

observed, excess pore-water pressures can be generated during rapid shearing, 

indicating that liquefaction could occur after a landslide has initiated in conditions 

where excess pore-water pressures are unable to dissipate away from the shear zone. 

These results provide new insights into the types of failure that may be anticipated 

from different fill slopes, the hazards they may pose and potential mitigation measures 

that could be implemented.     
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1 Introduction 
 

1.1 The global fill slope hazard 

Many devastating rainfall-induced landslides observed around the globe have occurred 

in loosely compacted fill slopes (e.g. Bishop, 1973; Blight & Fourie, 2005; Chen et al., 

2004; Dawson et al., 1998; Hungr et al., 2002; Take et al., 2004). These failures can be 

extremely destructive and occur with very little warning, often resulting in deaths, 

injuries and significant damage to property and infrastructure (e.g. Bishop, 1973; 

Malone, 1988). Prominent examples of these catastrophic events include the 1966 

Aberfan disaster in Wales and the 1972 disaster in Kowloon, Hong Kong (Bishop, 

1973; Take et al., 2004). 

 

Figure 1.1: Aerial view of the Aberfan flow-slide disaster. Figure from Davies et al. (1967). 

The 1966 Aberfan disaster in Wales, United Kingdom (Figure 1.1), first caught the 

attention of the general public, engineers, and geologists alike, highlighting the lack of 

knowledge surrounding the stability of spoil heaps and fill slopes. The tragedy 

occurred when a colliery spoil heap failed and developed into a rapid flow-slide 

following a period of heavy rainfall (Bishop, 1973). 100,000m3 of material travelled 

500m downslope killing 144 people, 116 of which were children (Bishop, 1973). Just 

as devastating was the 1972 landslide in the Sau Mau Ping district of Kowloon, Hong 

Kong, where three days of heavy rainfall triggered a catastrophic landslide in a 

decomposed granite fill (Figure 1.2). This flow-like landslide travelled approximately 
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160m into a temporary housing area killing 71 people and injuring 60 more (Malone, 

1988; Take et al., 2004).  

 

Figure 1.2: The 1972 Landslide in the Sau Mau Ping district of Kowloon, Hong Kong. Figure from Malone (1988). 

Many other catastrophic failures have been observed globally in different types of 

loosely compacted fills. For example, Malone (1988) describes a series of engineered 

fill slope failures that killed 173 people and displaced thousands more in Hong Kong, 

including the 1972 Kowloon event described above; Blight (2008) describes failures in 

municipal waste fills, detailing three events between 1993 and 2005 that killed 464 

across Turkey, Indonesia and the Philippines; and Bishop (1973); Dawson et al. 

(1998); Hungr et al. (2002) describe numerous failures in spoil heaps across North 

America and the United Kingdom. Just why these failures can be so destructive is 

because of the fluidised failure behaviour they commonly exhibit.   

The characteristic behaviour of many fill slope failures, including those described 

above, is that they occur with little or no warning and display highly mobile, fluidised 

motion and long runout distances; features that together account for their extremely 

destructive nature (Bishop, 1973; Blight & Fourie, 2005; Dawson et al., 1998). In most 

cases, rainfall and changing pore pressure conditions play a leading role in triggering 

these failures, while liquefaction has been suggested as the mechanism responsible for 

failure and the reason for fluidised failure behaviour in many instances (e.g. Bishop, 

1973; Dawson et al., 1998; Take et al., 2004).  
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1.2 The fill slope hazard in Wellington, New Zealand 

Loosely compacted engineered fill slopes are a common form of earth surface 

modification across many urban centres in New Zealand, including Wellington. These 

anthropogenic slopes have been constructed at various scales, through varying 

engineering practices during the city’s development. Although the fill slopes that are 

presently constructed are required to adhere to strict design regulations, several 

significant failure events over the past 11 years in the Wellington Region have brought 

into question the reliability of some fill slopes during intense rainfall. These include 

the 2013 and 2017 events that were less than 200 metres apart in the Wellington City 

suburb of Kingston (Hunt & George, 2017). Whilst these failures did not result in the 

catastrophe observed in Aberfan or Kowloon, they were characterised by failure 

behaviours analogous to those devastating events witnessed globally and described 

above. This may suggest that the hazard posed by some of Wellington’s fill slopes may 

not be fully understood, as to effectively determine landslide hazard requires a detailed 

knowledge of the potential mechanisms and behaviour of slope failure (Aleotti & 

Chowdhury, 1999; Dai et al., 2002). Despite this, few laboratory based studies have 

yet considered how different fill slopes in Wellington may perform during intense 

rainfall events.  

It is clear that rainfall-induced landslides in fill slopes pose a significant global hazard 

due to their fluidised failure behaviour. It is also apparent that the hazard posed by 

some of Wellington’s fill slopes may not be fully understood, as their potential failure 

behaviour is not well known. To more accurately classify the hazard posed by 

Wellingtons fill slopes requires a greater understanding their potential failure 

behaviour, which itself requires a detailed understanding of the key mechanisms acting 

during shear zone formation.  

1.3 Study aims and objectives 

This study aims to better understand the potential failure behaviours of loosely 

compacted engineered fill slopes in Wellington, New Zealand.  

The key objectives are to: 

1. Investigate mechanisms of shear surface development in different fill materials 

under changing pore-water pressure conditions using specialist laboratory 

testing. 
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2. Infer from the results obtained what the potential hazard posed by Wellington’s 

fill slopes may be.   

Specifically, the following research questions will be answered: 

1. How does strain accumulate in different fill materials in response to changing 

pore-water pressure conditions? 

2. What is the pore-water pressure response of different fill materials to rapid 

shear? 

3. How do particle size distribution and consolidation history influence 1) and 2) 

above. 

1.4 Thesis structure 

This thesis consists of seven chapters, detailing the information necessary to give the 

reader a robust understanding of the study and its key findings. 

 Chapter 1 (this chapter) provides an introduction to the research by outlining 

its relevance. It also details the aims and objectives of the study, as well as 

explaining the structure of the thesis. 

 Chapter 2 gives a comprehensive background to the thesis, describing the 

fundamentals of slope stability, different types of landslide movement, and the 

use of laboratory testing and theoretical models to determine the movement 

types and subsequent hazard of specific landslides.  

 Chapter 3 describes the regional setting of the site location (Wellington, New 

Zealand) and provides context for the potential fill slope hazard. 

 Chapter 4 outlines the methodologies employed for sample collection, 

physical property analyses, and specialist laboratory testing using the dynamic 

back-pressured shear box.  

 Chapter 5 details the data collected from the physical property testing of the 

fill material, and provides an analysis of data collected through dynamic back-

pressured shear box testing.   

 Chapter 6 discusses the implications of the results collected in correlation with 

relevant knowledge. In particular, potential movement behaviours and the 

influence of particle-size and consolidation history are discussed, before the 

possible implications for fill slope behaviour in Wellington is suggested.  
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 Chapter 7 concludes the thesis by highlighting the key findings and how they 

contribute to the current understanding of fill slope failure behaviour, with 

focus on the implications for Wellington, New Zealand. 
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2 Background 
 

2.1 Fundamentals of slope failure  

Landslides occur when slope forming materials move down-slope under the influence 

of gravity in order to find a more stable state (Selby, 1993; Varnes, 1978). This failure 

most commonly occurs along a shear surface or zone where a balance of shear force 

and shear resistance exists (Figure 2.1). 

 

Figure 2.1: Basic forces acting in a landslide. 

Failure is generally caused when the sum of forces promoting motion (shear forces, τ) 

exceed those resisting it (shear resistance, τf). This relationship is commonly expressed 

as the Factor of Safety (FoS) (Selby, 1993): 

𝐹𝑜𝑆 =  
𝑆ℎ𝑒𝑎𝑟 𝑟𝑒𝑠𝑖𝑠𝑡𝑎𝑛𝑐𝑒

𝑆ℎ𝑒𝑎𝑟 𝑓𝑜𝑟𝑐𝑒𝑠
=  

𝜏𝑓

𝜏
          Equation 2.1 

Where 𝜏𝑓= shear strength and 𝜏= shear stress 

When the shear forces are equal to the shear resistance, then the FoS is equal to 1 and 

the forces are in equilibrium. When the FoS is > 1, the slope is likely to be stable as the 

forces resisting motion are greater than those promoting it. Conversely, when the FoS 

is < 1, the slope is likely to be unstable as the opposite is true.  

The importance of the relationship between shear stress (𝜏) and shear strength (𝜏𝑓) in 

the problem of slope stability necessitates the need for a comprehensive understanding 

of those (𝜏 & 𝜏𝑓) components and how they are derived in soil mechanics. 

In soil mechanics, the shear stress acting upon a slope is a function of the mass of the 

soil body above (𝑊), and the inclination of the shear surface (𝛽) as shown in Figure 



7 
 

2.2 (Sidle & Ochiai, 2006). Where with increasing inclination of the shear surface (𝛽) 

a greater shear stress acts upon the body. 

𝜏 = 𝑊𝑠𝑖𝑛 𝛽          Equation 2.2 

The shear strength (𝜏𝑓) of a soil, which is defined as the ability of the solid-particle 

skeleton to resist shear, is expressed in the Mohr-Coulomb equation (Selby, 1993); 

𝜏𝑓 = 𝑐′ + (𝜎 − 𝑢) 𝑡𝑎𝑛 𝜑′          Equation 2.3 

where the shear strength (𝜏𝑓) is a function of apparent cohesion (𝑐′), normal stress (𝜎), 

pore-water pressure (𝑢) and the effective internal angle of friction (𝜑′), where 𝜎 − 𝑢 represents 

the effective normal stress (𝜎′).  

In the Mohr-Coulomb equation (Equation 2.3), cohesion describes the bonding 

between particles, and most commonly results from the presence of water (capillary 

action), electrostatic bonds and cementing materials (Selby, 1993). The internal angle 

of friction describes the ability of particles to move past each other, and is influenced 

by grain orientation, shape and size (Selby, 1993). And finally, the normal stress is 

created by the weight of the slope above the shear surface – the same force that 

produces the shear stress. It acts normal (at a right angle) to the shear surface, and 

depends on the mass of the soil body above (𝑊) and the inclination of the shear 

surface (𝛽) (Figure 2.2) (Crozier, 1986): 

𝜎 = 𝑊𝑐𝑜𝑠 𝛽           Equation 2.4 

As the inclination of the shear surface (𝛽) increases, the stabilising force of the normal 

stress decreases. 

 

Figure 2.2: Forces acting in a landslide. Figure after Selby (1993). 
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Based on Equations 1.2, 1.3 & 1.4, the FoS (Equation 2.1) can now be written as: 

𝐹𝑜𝑆 =  
𝑐′+(𝛾𝑧𝑐𝑜𝑠2𝛽−𝑢)𝑡𝑎𝑛𝜑′

𝛾𝑧𝑠𝑖𝑛𝛽𝑐𝑜𝑠𝛽
          Equation 2.5 

 Where 𝑐′ is the effective cohesion, 𝛾 is the unit weight of the soil (at its natural moisture 

content), 𝑧 is the soil depth in the direction of normal stress, 𝛽 is the slope’s inclination, 𝑢 is the 

pore-water pressure and 𝜑′ is the effective internal angle of friction (Selby, 1993). 

Another common method for expressing and evaluating the shear strength of a slope is 

by using a Mohr circle that is defined by the effective principle stresses 𝜎′1 and 𝜎′3 at 

a particular failure point of interest (Figure 2.3) (Craig, 2004). A tangential line, 

denoted by Equation 2.3, to the Mohr circle representing the stress state at failure is 

known as a failure envelope. Any stress state represented by a point above the line is 

theoretically impossible (Craig, 2004).  

 

Figure 2.3: Mohr-Coulomb failure criterion for stress conditions at failure. Where c’ = effective 
cohesion, 𝜑′= effective friction angle,  𝜎′1 and 𝜎′3= principle stresses, 𝜏𝑓= shear strength, 𝜎′𝑓= effective 

normal stress at failure, ϴ = theoretical angle between major principle plane and plane of failure.  
Figure from Craig (2004, p. 93). 

Understanding and being able to conceptualise the fundamental driving and resisting 

forces present in landslide mechanics provides key insights into the issue of slope 

stability. However, it should be noted that these methods are a simplification and 

parameter acquisition is associated with inherent uncertainty. 
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2.2 Landslide classification 

Landslides are extremely complex, with the many processes, controls, and materials 

involved resulting in a great variety of movement types; in terms of both form and rate 

(Selby, 1993). Consequently, many definitions of a landslide exist, such as those 

proposed by Varnes (1978), Cruden (1991) and Crozier (1999). Varnes (1978) defined 

a landslide as the downward and outward movement of slope-forming materials under 

the influence of gravity. This is one of the most widely used definitions of a landslide 

and will provide ample context for this research. 

Arising from the complexity of landslides and the range of definitions proposed, 

various landslide classification schemes have also been suggested (e.g. Cruden & 

Varnes, 1996; Hungr et al., 2014; Nemčok et al., 1972; Varnes, 1958, 1978). One of 

the most widely adopted classification schemes is that proposed by Varnes (1978), 

which was later refined by Hungr et al. (2014) (Table 2.1). The updated scheme 

proposed by Hungr et al. (2014) details 32 types of landslides, with the major 

development from that proposed by Varnes (1978) being the refinement of the 

terminology used to describe the landslide-forming material.  

Table 2.1: Mass movement type classification from Hungr et al. (2014). Note that ‘*’ identifies 
movement types that commonly reach ‘extremely rapid’ (> 5x103 mm/sec) movement rates as defined 

by Cruden and Varnes (1996)  

Type of movement Rock Soil 

Fall Rock/ice fall* Boulder/debris/silt fall* 

Topple Rock block topple* Gravel/sand/silt topple* 

 Rock flexural topple  
Slide Rock rotational slide Clay/silt rotational slide 

 Rock planar slide* Clay/silt planar slide 

 Rock wedge slide* Gravel/sand/debris slide* 

 Rock compound slide Clay/silt compound slide 

 Rock irregualr slide*  
Spread Rock slope spread Sand/silt liquefaction spread* 

  
Sensitive clay spread* 

Flow Rock/ice avalanche* Sand/silt/debris dry flow 

  
Sand/silt/debris flowslide* 

  
Sensitive clay flowslide* 

  
Debris flow* 

  
Mud flow* 

  
Debris flood 

  
Debris avalanche* 

  
Earthflow 
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Peat flow 

Slope deformation  

Mountain slope 

deformation Soil slope deformation 

 Rock slope deformation Soil creep 

    Solifluction 

 

Materials are broadly classified as either rock or soil, with sub-categories within those 

as ‘rock’, ‘ice’, ‘clay’, ‘silt’, ‘sand’, ‘gravel’, ‘boulder’, ‘peat’, ‘mud’ and ‘debris’. 

Hungr et al. (2014) used these descriptors as they best align with both geological and 

geotechnical terminology and ultimately proved the greatest insights into the 

mechanical properties of the materials.  

Movement type can then be categorised as either a ‘fall’, ‘topple’, ‘slide’, ‘spread’, 

‘flow’ or ‘slope deformation’. A ‘fall’ can be identified by a free-falling movement of 

a material from a steep slope where little (or no) shear displacement takes place along 

the failure surface. A ‘topple’ is a similar movement, however, it is characterised by 

the forward rotation about some axis. ‘Slides’ occur where the failure takes place along 

a discrete shear surface or shear zone, and can be subdivided into ‘rotational’ and 

‘translational slides’; where failure occurs on a circular slip-surface for rotational slide 

and on a planar surface for translational slides. A ‘lateral spread’ generally occurs on 

low angled slopes and involves the extension and subsidence of a cohesive mass of 

material. ‘Flows’ are a spatially continuous movement and generally behave similarly 

to a viscous liquid due to the amount of liquid and/or air involved. The ‘slope 

deformation’ movement type was an addition made by Hungr et al. (2014) to the 

original classification scheme by Varnes (1978), and is characteristic of extremely 

slow movement rates, often manifesting itself as visible geomorphic features such as 

scarps, sags, bulges and cracks, but notably no defined failure surface. The ‘complex’ 

landslide category was removed by Hungr et al. (2014) from the original scheme, as 

they explain it is not a useful term. In saying this, the authors do acknowledge that it is 

often the case that more than one unique term is required to describe a landslide, and in 

fact that most landslides are complex to some degree. 

Another important characteristic used in landslide classification is the velocity of a 

landslide or its ‘rate of movement’. Rate of movement is a fundamental component to 

consider because of the controlling factor it has on the probable destructiveness of a 

landslide, as a faster moving mass has a larger force behind it. In some cases the rate of 
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movement is included in a complete landslide classification scheme such as that 

proposed by Nemčok et al. (1972), however, others such as Cruden and Varnes (1996) 

have created a separate rate of movement classification scheme (Table 2.2) to be used 

in conjunction with classification based on movement type.  

Table 2.2: Landslide velocity classes, after Cruden and Varnes (1996). 

Velocity class Description Velocity 

1 Extremely slow up to 16mm/yr 

2 Very slow up to 1.6m/yr 

3 Slow up to 13m/yr 

4 Moderate up to 1.8m/hr 

5 Rapid up to 3m/min 

6 Very rapid up to 5m/sec 

7 Extremely rapid more than 5m/sec 

 

Whilst classification schemes based on characteristics such as the material(s) involved, 

rate, and type of movement are numerous, schemes based on geotechnical 

characteristics that provide fundamental information regarding failure mechanisms and 

behaviours – which are essential to effective hazard mitigation, are rare. The notable 

exception to this however, is the geotechnical classification proposed by Sassa (1989). 

Sassa (1989) proposes a scheme that classifies based on grainsize and the type of 

shearing during failure (Table 2.3). Grainsize is used because of the significant effects 

it has on shear behaviour (through friction angles and pore pressure generation), with 

‘rock’, ‘sandy soil’ and ‘clayey soil’ being chosen because of the varying 

characteristics they represent. The types of shear used in the scheme are described as 

‘slides’, ‘liquefaction’ and ‘creep’, and are explained using their simplified stress paths 

during failure (Figure 2.4). 

Table 2.3: Geotechnical landslide classification scheme, modified after Sassa (1989). 

Type of Shear 

Grain size of the material 

Rock Sandy soil Clayey soil 

(20mm) (20-0.074mm) (0.074mm) 

1. Slides 
Peak strength 
rock slide (Rock 
avalanche) 

Sandy peak 
strength slide 

Clay peak strength 
slide 

A) Peak strength slide 

B) Residual state slide Residual strength 
rock slide 

Sandy residual 
strength slide 

Clay residual 
strength slide 
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2. Liquefaction None Soil creep Quick clay landslide 

3. Creep Rock creep Soil creep Clay creep 

 

 

Figure 2.4: Simple stress path diagrams for the geotechnical classification of landslides. Figure after 
Sassa (1989). 

A ‘peak strength slide’ occurs when the stress acting within a slope reaches its 

undisturbed failure envelope, and movement then occurs along a slip-surface. When 

the pore-pressure in the slope increases, the effective stress acting within the slope 

decreases from P0 (the initial state) towards the peak strength failure envelope by an 

amount ∆u (Figure 2.4 A, Equation 2.6).  

𝜎′ = 𝑃𝑝 =  𝑃𝑜 −  ∆𝑢     Equation 2.6 

Once the failure envelope is reached (PP), sliding motion begins. Following the 

initiation of movement, the shear surface state moves quickly to the residual state, 
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where an imbalance of forces between the shear stress and resistance is created (Sassa, 

1989). This causes accelerated landslide motion, often leading to rapid landslides 

where a substantial difference between the shear stress and shear resistance exists. 

Alternatively, if the shear surface or shear zone is already in the residual state then a 

‘residual strength slide’ occurs. Motion begins when the effective stress reaches the 

residual strength failure envelope (PR). However in this case, shear resistance does not 

decrease and is more likely to remain constant (Figure 2.4 B). This often results in 

slow movement rates where a minor recovery in the stress state is able to stabilise 

motion (Sassa, 1989). 

‘Liquefaction’ occurs when a saturated, loose soil mass experiences undrained loading, 

causing the soil structure to fail without exerting its frictional shear resistance (i.e. it 

does not reach the failure envelope) (Sassa, 1989). During failure, the effective stress 

of the soil body decreases significantly (to point PL on Figure 2.4 C) resulting in the 

initiation of flow-like movement due to the extremely low frictional resistance 

experienced (Sassa, 1989).  

Lastly, Sassa (1989) refers to ‘creep’ as the slow movements that occur in a natural 

slope resulting from fluctuations in groundwater levels and thus stress. As groundwater 

levels fluctuate the effects of drainage and saturation also adjust, causing partial 

movements of very unstable slope-forming materials, with the stress never reaching 

the failure envelope (Figure 2.4 D) (Sassa, 1989).  

The different classification schemes presented here, as well as others that have not 

been mentioned or discussed, all provide a useful framework for classifying landslides. 

However, the underperformance of these classification schemes is evident. Most 

schemes do not identify geotechnical characteristics essential for effective hazard 

management, and almost all schemes fail to account for the variable failure 

mechanisms that often operate during a landslide; resulting in most schemes 

classifying landslides as complex - ultimately providing limited beneficial 

understanding. New research that helps further the knowledge surrounding 

relationships between failure mechanisms and physical properties of materials will 

help provide useful insights for future classification schemes. 
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2.3 Factors that influence landsliding 

As discussed in Section 2.1, slope stability is governed by the relationship between the 

shear and resisting forces acting upon and within a slope, while failure is driven by the 

many factors that transition this relationship into an unstable state. In the majority of 

cases, it is the interplay of several factors that will ultimately be responsible for any 

given failure, often creating complexity in discerning those responsible (Crozier, 1986; 

Selby, 1993). Cruden and Varnes (1996) and Selby (1993) have broadly differentiated 

these causal factors based on whether they:  

1) Increase the shear stress (𝜏) acting upon a slope; or  

2) Reduce the shear strength (𝜏𝑓) acting within a slope.  

Examples of common causal factors as suggested Selby (1993) are presented in Table 

2.4.  

Table 2.4: Factors that influence hillslope instability. Table from Selby (1993, p. 276). 

A. Factors increasing shear stress 

Types Major mechanisms 

1. Removal of lateral 
support i) Stream, water or glacial erosion 

 ii) Subaerial weathering, wetting, drying and frost action 

 iii) Slope steepness caused by mass movements 

 

iv) Removal of toe-slopes by human activity e.g. quarries or road 
cuttings 

  

2. Overloading by i) Weight of rain, snow, talus 

 ii) Fills, waste piles, structures 
  

3. Transitory stresses i) Earthquakes - ground motions and tilts 

 ii) Vibrations from human activity - blasting, traffic, machinery 
  
4. Removal of underlying 
support i) Undercutting by running water 

 ii) Subaerial weathering, wetting, drying and frost action 

 

iii) Subterranean erosion (eluviation of fines or solution of salts), 
squeezing out of underlying plastic soils 

 iv) Mining activities, creation of lakes, reservoirs 
  

5. Lateral pressure i) Water in interstices 

 ii) Freezing of water 

 iii) Swelling by hydration of clay 

 iv) Mobilisation of residual stress 
  

6. Increase of slope angle i) Regional tectonic tilting 

 

ii) Volcanic processes 
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B. Factors reducing shear strength 

Types Major mechanisms 

1. Composition and texture i) Weak materials such as volcanic tuff and sedimentary clays 

 ii) Loosely packed materials 

 iii) Smooth grain shape 

 iv) Uniform grain sizes 
  
2. Physico-chemical 
reactions i) Cation (base) exchange 

 ii) Hydration of clay 

 iii) Drying of clay 

 iv) Solution of cements 
  

3. Effects of pore-water i) Buoyancy effects 

 ii) Reduction of capillary tension 

 iii) Viscous drag of moving water on soil grains, piping 
  

4. Changes in structure i) Spontaneous liquefaction 

 ii) Progressive creep with reorientation of clays 

 iii) Reactivation of earlier shear planes 
  

5. Vegetation i) Removal of trees 

 a) reducing normal loads 

 b) removing apparent cohesion of tree roots 

 c) raising of water tables 

 d) increased soil cracking 
  

6. Relict structures i) Joints and other planes or weakness 

  ii) Beds of plastic and impermeable soils 

 

It is clear that many factors exist that can influence landsliding, and because of 

multiple causality and their transposable nature, identifying those responsible for a 

particular failure event can be an extremely complex task. One of, if not the most 

important factor that has the ability to influence slope stability and trigger landslides 

through a variety of ways is rainfall.  

2.3.1  Rainfall as a failure mechanism 

The role of rainfall in slope failure will be the only causal factor discussed in detail; 

partly because it is one of the most influential factors, but more importantly because it 

is the focal point of this research. 

Rainfall is one of the primary causes of landsliding across the globe, and as a result, 

the role it plays in slope failure is well-studied and well-documented (e.g. Crosta & 

Frattini, 2008; Selby, 1993; Terzaghi et al., 1996). Rainfall has the ability to influence 

slope stability through many mechanisms as discussed by Selby (1993) and Crozier 
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(1986), including via the hydration of clays, decreasing soil aggregation, and through 

viscous drag on soil particles. However, it is the role of pore-water pressure that is 

arguably the most significant. 

The effect of pore-water pressure 

Pore-water pressure (PWP) refers to the pressure the water present in the pores of rock 

or soil exerts on its surroundings. In general, three states of PWP can exist in a soil 

body (Figure 2.5). In a completely dry soil (Figure 2.5 A), there is zero PWP as the 

soil structure is completely supported by the grain-to-grain contacts. In a partially 

saturated soil (Figure 2.5 B) negative PWPs develop as moisture around the soil 

particles and subsequent surface tension forces generate a suction effect, imparting 

apparent cohesion on the soil body (Selby, 1993). In a fully saturated soil (Figure 2.5 

C), no apparent cohesion exists as the surface tension forces are lost, and a portion of 

the load supplied by the normal stress is transferred to the soil-water from the soil-

fabric. These conditions create positive PWPs, where the transfer of load to the soil-

water creates a buoyancy force (Selby, 1993). 

 

Figure 2.5: States of pore-water pressure in soils. Figure after Selby (1993, p. 58). 

The role of PWP in slope stability is best and most simply illustrated using the Mohr-

Coulomb equation (Equation 2.3). In the most simple terms, a negative PWP (𝑢) leads 

to a higher shear strength (𝜏𝑓), whereas a positive PWP leads to a lower shear strength 

i.e. the loss of negative PWPs or the development of positive PWPs reduces the shear 

strength of the slope, increasing its susceptibility to failure.  

Rainfall-induced landslides generated by changing pore-pressure conditions are 

common, and strongly influenced by both the characteristics of the rainfall and the 

physical properties of the subjected soils (Collins & Znidarcic, 2004; Rahardjo et al., 
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2007). Of the soil properties, the hydraulic conductivity of the soil is one of the most 

important, as it has a large control on the pore-pressure conditions that are able to 

develop. For example, Collins and Znidarcic (2004) illustrate that, under the same 

rainfall conditions, it is easier for positive PWPs to develop in a soil with a lower 

hydraulic conductivity than a soil with high hydraulic conductivity. Furthermore, 

rainfall characteristics, such as intensity and duration have a significant influence on 

the type and likelihood of failure as well (e.g. Rahardjo et al., 2007; Tsai, 2008). Of 

these, it is possibly the role of rainfall intensity that is the most important, as greater 

intensity rainfall is better able to generate positive PWP conditions. As a result, intense 

rainstorms are often associated with shallow landsliding that can be characterised by 

rapid, fluidised movements (e.g. Sassa, 2000; Wang et al., 2002). Additionally, the 

relationship between the intensity and duration of rainfall has been well studied, with 

many intensity-duration thresholds being proposed for various locations (e.g. Eyles et 

al., 1978; Guzzetti et al., 2007). Fundamentally, it requires a shorter period of intense 

rainfall, or a longer period of less intense rainfall to generate failure (e.g. Caine, 1980; 

Guzzetti et al., 2008).  

2.4 Landslide movement types 

Due to extensive landslide monitoring through time, data exists that illustrates various 

landslide movement types. These movement types include many different accelerating, 

decelerating and stable regimes. Understanding these different types of movement can 

lead to improved management of landslide hazards through a greater knowledge of the 

processes acting at the shear surface (Aleotti & Chowdhury, 1999; Dai et al., 2002) . 

Additionally, studies of landslide movement patterns have has also led to significant 

inroads into landslide forecasting and prediction (Massey et al., 2013; Petley, 2010; 

Petley et al., 2002).  

The early work of Allison and Brunsden (1990) investigated movement patterns in 

coastal mudslides, and suggested that they exhibit four key types of movements, 

largely in response to changing PWP conditions.  

1. Multiple small stick-slip like movements, interspersed with periods of zero 

displacement. Gradual PWP accumulation preceded small slips, shortly 

followed by a fall in PWP and subsequent stabilisation. 

2. Temporally discrete ‘graded’ movements, characterised by a single continuous 

movement, generally tens of centimetres of movement over a period of tens of 
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hours. Movement was preceded by a slow build-up in the phreatic surface, with 

the rate increasing as movement commenced. The phreatic surface would then 

decline towards normal values resulting in halted movement. 

3.  Relatively large, rapid displacements over a short period termed ‘surges’; 

generally in the order of metres over periods of tens of minutes. A rise in PWP 

at the toe and top of the slope preceded movement, and rose rapidly near the 

top when movement commenced. 

4. Irregular small displacements associated with internal adjustments and 

wetting/drying cycles. 

A similar role of PWP was found by Carey et al. (2015) in the Ventnor landslide 

complex in the south of England. Carey et al. (2015) found that the complex displayed 

two movement types during the monitoring period: a slow background movement, and 

an increased rate of movement. The slow background movement was at a continuous 

rate of approximately 5-10mm/year, and while no definitive deformation mechanism 

was established for this type of movement, they observed that changing PWP was not 

reflected in changes to deformation (when PWP was below the threshold established 

for the second movement type). The second movement type recognised was periods of 

an increased deformation rate in response to a rise in PWP. It was identified that when 

PWP rose above approximately 107kPa there was a significant, non-linear relationship 

between increased PWP and increased deformation rate. Carey et al. (2015) suggested 

that as PWP appeared to govern movement in the second (faster) movement type, but 

not in the first, that multiple failure mechanisms may be operating within the slope; 

analogous to the behaviour discussed above and observed elsewhere (e.g. Allison & 

Brunsden, 1990; Massey et al., 2013). Importantly, in this investigation, by identifying 

the movement types present, Carey et al. (2015) were able to better constrain the 

hazard faced by the population of approximately 6000 situated on the complex; 

ultimately concluding that under the current conditions the probability of a catastrophic 

failure is low. 

While the movement types discussed so far account for considerable damages to 

infrastructure and still pose a hazard to people and property, they do not describe the 

rapid movements of landslides which are often the most devastating (e.g. Bishop, 

1973; Dawson et al., 1998; Lavigne et al., 2014; Wang et al., 2002). Unfortunately, 
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due to the rapid and unpredictable nature of these events, specific details of the failure 

process often have to be inferred from post-failure observations. 

Bishop (1973) discusses the movement types of rapid failures in spoil heaps, detailing 

as much as possible from personal recounts of the events and post-failure observations. 

For example, the Abercynon spoil heap failure involved an initial rotational slip, likely 

triggered by rising PWPs, which then transitioned into a rapid flow-slide depositing 

material approximately 400m from the source. Although no measurements of speed 

could be made, it was estimated the speed of the flow-slide was in the order of tens of 

kilometres per hour. Similarly, Bishop (1973) also discusses the catastrophic Aberfan 

flow-slide which occurred in a spoil heap and ultimately killed 144 people as 

mentioned earlier. This disaster began when a group of workers at the site noticed the 

crest of the spoil heap had subsided 3m when they arrived on site one morning, before 

it had sunk a further 3m and hour later. Approximately 40 minutes later, the toe of the 

heap was observed to begin creeping, before it transitioned into a rapid flow-slide 

which travelled 500m at a speed of approximately 16-34km/hr. This disaster was 

attributed to the development of a zone of positive PWPs below the material initiating 

liquefaction (Bishop, 1973; Davies et al., 1967). Similar rapid acceleration-to-failure 

movements in landslides have been observed and studied by others such as Wang et al. 

(2002), Dawson et al. (1998) and Lavigne et al. (2014), with these movements 

commonly being attributed to failure mechanisms associated with increased PWPs, 

and in many cases liquefaction. 

In a more general sense, Petley et al. (2002) investigated landslide movement types in 

a variety of materials and settings, finding that all accelerating regimes exhibited one 

of two trends. The first type of movement, recognised previously by Saito (1965, 

1969), is that of events characterised by catastrophic acceleration. Petley et al. (2002) 

demonstrated that this movement type is typified by a linear trend in 1/Velocity-time 

space (Figure 2.6 A), and results from first-time failures caused by crack-propagation 

(shear surface development). The second movement type identified by Petley et al. 

(2002), is that where movement rates trend towards steady-state behaviour (constant 

velocity), and is characterised by an asymptotic trend in 1/Velocity-time space (Figure 

2.6 B). It was suggested by Petley et al. (2002) that this movement type results from 

ductile deformation processes by failure on antecedent planes of weakness. 
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Figure 2.6: Two trends in 1/Velocity-time space observed by Petley et al. (2002). A) Linear trend, B) 
Asymptotic trend. Figure after Petley et al. (2002). 

What is clear from the above discussion, is that landslides can move in a variety of 

ways, with past studies showing that site-specific characteristics play a major role in 

determining the behaviour (e.g. Allison & Brunsden, 1990; Carey et al., 2015; Massey 

et al., 2013; Petley et al., 2002). While slow movement types can cause damage to 

infrastructure, they often pose a limited threat to life. On the contrary, movement types 

that display rapid failure behaviours can pose an extreme risk to both infrastructure and 

life, and have historically been the most catastrophic. Consequently, understanding 

landslide movement type is imperative to hazard assessments. To fully understand 

these movements however, requires a comprehensive knowledge of the key 

mechanisms of deformation that are acting at the shear surface during failure; 

something commonly investigated using specialist laboratory testing. 

2.5 Laboratory testing of rainfall-induced landslides 

Complex mechanisms that act during shear surface development are often difficult and 

expensive to analyse in the field, and so are often investigated through the laboratory 

simulation of the complex hillslope environment (e.g. Carey et al., 2017; Ng & Petley, 

2009; Wang & Sassa, 2003). Of relevance to this study, is laboratory testing that can 

investigate the mechanics of rainfall-induced landsliding, and specifically those 

techniques that can monitor and/or control PWP generation in a sample during the 

failure process; thus simulating the effects of rainfall and changing groundwater 

conditions.   

Ng and Petley (2009) used a triaxial cell to carry out specialist pore-pressure 

reinflation (PPR) testing on rhyolite lava and tuff samples from Lantau Island, Hong 

Kong. The aim of the study was to investigate movement patterns in the material in 

response to changing pore pressure conditions. Ng and Petley (2009) carried out a 
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series of linear and stepped PPR tests using different rates obtained from past rainfall 

records. Results from the study identified that during rainfall-induced landsliding, the 

material can undergo three movement types during failure development (Figure 2.7). 

Stage 1: Low rates of strain accumulation when mean effective stress levels are 

high. 

Stage 2: As the mean effective stress decreases, periods of non-linear PWP 

increase cause pulses of variable increases in strain rate.  

Stage 3: Rapid acceleration to failure when PWP increases to a sufficient level, 

suggested to be associated with the internal restructuring of the shear zone. 

 

Figure 2.7: Three stages of rainfall-induced landslide movement in residual soils. Note circles indicate 
instantaneous periods of PWP increase. Figure from Ng and Petley (2009, p. 496). 

One of the key outcomes of the study by Ng and Petley (2009) was that they were able 

to show that there is a time dependent component of the failure process. They 

demonstrated that rapid acceleration to failure can occur while PWPs are held constant, 

indicating that this acceleration is associated with the internal restructuring of the 

landslide mass (Figure 2.8). This behaviour has significant implications for rainfall 

thresholds that are derived for hazard assessments. 
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Figure 2.8: Plots showing axial strain and PWP against time that reveal a strong time component in the 
failure process. a), b) and c) show the results of three different samples. Figure from Ng and Petley 

(2009, p. 495). 

Further to the study by Ng and Petley (2009), was the work carried out by Carey et al. 

(2016) that involved the laboratory simulation of slow landslide mechanisms. Carey et 

al. (2016) used a dynamic back-pressured shear box to better understand the 

relationship between ground movements and PWP in the Utiku landslide complex. 

Undisturbed samples were initially saturated and consolidated, before a given shear 

stress was applied to simulate the stress state of a landslide close to failure. The 

samples were then subjected to varying rates of both linear and stepped PWP increase, 

thereby replicating conditions of failure. Results from the study correlated well with 

results from the work of Ng and Petley (2009), as Carey et al. (2016) observed both 

slow movement when the PWP increase was enough to generate a marginally unstable 

state; and also accelerated movement when the effective normal stress decreased 

further due to a continued rise in PWP. Furthermore, results showed that the 

displacement rate slowed when the rate of increase in PWP reduced, a behaviour 

observed in other laboratory and field based studies of landslides (e.g. Allison & 
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Brunsden, 1990; Ng & Petley, 2009). This behaviour suggests that faster landslide 

movements are controlled not only by the amount of PWP generated, but also the rate 

in which it is generated. While the studies discussed above have investigated failure 

mechanisms in slow moving landslides, laboratory studies have also successfully 

investigated failure mechanisms in rapid moving landslides (e.g. Sassa et al., 2004; 

Take et al., 2004; Wang & Sassa, 2002). 

Sassa et al. (2004) describe the development of a ring-shear device and its application 

to investigating a slide-triggered debris flow in Minamata, Japan that killed 15 people. 

The ring-shear apparatus was first used to investigate the initial failure mechanism of 

the slide, before being used to simulate the loading of a torrent deposit/soil layer that 

generated the debris flow. To simulate the original failure, initial stresses were applied 

to the sample in the apparatus before PWPs were gradually raised reflecting the heavy 

rainfall that fell prior to the failure. This test was undertaken in drained conditions, 

meaning that while PWP was controlled, water was free to move through the sample 

and out a drainage valve. This behaviour reflects the natural groundwater rise that 

would have occurred. Results from the test showed that once the stress path reached 

the failure envelope due to decreasing the effective normal stress (increasing PWP), 

shear resistance dropped rapidly, before stabilising at some value (Figure 2.9). Sassa et 

al. (2004) interpreted this behaviour as initial shear failure producing grain crushing 

along the shear surface, which then resulted in the generation of excess PWP and rapid 

failure. The excess PWP was not recorded however, as the transducer was located on 

the opened drainage valve, not the shear surface where excess pressure developed. 

 

Figure 2.9: Results from the simulation of the original landslide at Minamata. Figure from Sassa et al. 
(2004, p. 14). 

Following the initial test, Sassa et al. (2004) then investigated the rapid loading that 

generated the debris flow. This test involved gradually increasing the shear stress on 
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both tuff breccia and andesitic lava samples (as the torrent deposit was composed of 

both materials) under undrained conditions. Both tests revealed that only a small 

increase in shear stress, 18.5kPa in the case of the tuff, and 45.5kPa for the lava, was 

necessary to generate sufficiently high PWPs and subsequent failure (Figure 2.10). 

Through laboratory testing, Sassa et al. (2004) were able to establish that sliding-

surface liquefaction triggered by rising groundwaters explained the initial slope failure, 

while the subsequent undrained loading of the torrent deposits by the initial landslide 

mass easily explained the debris-flow mobilisation. 

 

Figure 2.10: Results of undrained loading tests on a) tuff breccia, and b) andesitic lava at Minamata. 
Figure after Sassa et al. (2004). 

It can be seen that laboratory based testing has been successfully used to investigate 

landslide failure mechanisms in various types of materials and slope failure. 

Importantly, this includes testing that is able simulate the complex pore-pressure 

conditions that arise from rainfall and/or changing groundwater conditions; scenarios 

that are responsible for a large portion of landslides worldwide. Results from 

laboratory testing, when used in combination with a knowledge of models of shear 

surface development, are able to better inform hazard assessments through an 

improved understanding of the processes acting during the development of failure. 

Furthermore, laboratory testing provides empirical relationships between stress and 
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strain for various failure scenarios, and it is these relationships that often form the 

basis for theoretical models of shear surface development. 

2.6 Theoretical models of shear surface development  

Different theoretical models aiming to explain progressive shear-surface development, 

as originally defined by Terzaghi (1950), have been proposed in order to gain greater 

insights into the hazard posed by landslides.  

2.6.1 Bjerrum’s model of progressive failure 

Bjerrum (1967) was the first to attempt to explain the concept of progressive failure, 

albeit while conceding that the topic was one of the most challenging in soil 

mechanics. Bjerrum’s conceptual model of progressive failure was based on the 

significant advances made by Skempton (1964), concerning the residual shear strength 

of over-consolidated clays. Skempton (1964) concluded that the progressive 

development of a shear-surface preceded landslides in over-consolidated clays, and 

that if sufficient time allowed the development of the shear surface in natural slopes, 

the residual strength of the material is the controlling factor of stability.  Bjerrum 

(1967) pointed out that while Skempton’s work made significant advances, further 

understanding of the mechanisms of progressive failure was needed.  

For a detailed description of the complex model, see Bjerrum (1967) or Carey (2011). 

Ultimately, Bjerrum (1967) was able to establish several requisite conditions for 

progressive failure to occur: 

1. Some discontinuity must exist - either in the mass or at its boundary. 

2. The development of shear stresses that exceed the peak shear strength of the 

clay must be possible. 

3. Local differential strain in the shear zone that is adequate to strain the clay 

beyond failure is required for shear-surface advancement. 

4. A significant and rapid reduction in the shear strength of the clay with strain 

must occur once the failure strength is mobilised. 

The ultimate goal of Bjerrum (1967) was to stimulate discussion and interest in order 

to find solutions to the problem of concern. While his progressive shear-surface 

development model for over-consolidated clays undoubtedly achieved this, it is worth 

noting its limitations. Bjerrum’s model provides an explanation for the progressive 

development of a linear shear surface resulting from toe unloading in a simple, 
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homogeneous slope; conditions which do not reflect the complexity of landslides 

observed around the world, as many failures occur on irregular shear surfaces or zones 

through heterogeneous materials. Also, while many failures do result from toe 

unloading processes such as river incision and anthropogenic cutting, other 

mechanisms of failure that are likely to result in different stress patterns than those 

described in Bjerrum’s model, such as PWP changes are also known to exist (e.g. 

Wang & Sassa, 2003).  

2.6.2 Simple slider block friction model 

Helmstetter et al. (2004) proposed a power-law model that aims to explain the stability 

of progressive failure. Specifically, they provide a physical basis for explaining stable 

and unstable acceleration to failure behaviours observed in landslides (as discussed by 

Voight & Pariseau, 1978) using a simple slider block model coupled with a state-and-

rate dependent friction law.  

The model structure consists of a rigid block sliding down an inclined surface under 

the influence of gravity, where basal friction regulates acceleration (Helmstetter et al., 

2004). The authors identify that within such a conceptual structure, landsliding 

behaviour is influenced by three factors; 1) block behaviour dynamics, 2) dynamical 

interactions between the block and substratum, and 3) the history of any external 

loading (Helmstetter et al., 2004). 

As a function of initial conditions and the frictional law used, the model produced 

exhibited four different sliding regimes (Figure 2.11): 

1) Velocity strengthening - stable/constant acceleration 

2) Velocity weakening - unstable acceleration 

3) Velocity strengthening - deceleration 

4) Velocity weakening - deceleration  

The model assumes that it is the materials properties that control which sliding regime 

occurs, as these properties are embedded in key parameters used and/or the initial 

conditions set. 
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Figure 2.11: Graphic representation of the sliding regimes proposed by Helmstetter et al. (2004). Red 
lines represent decelerating regimes and black lines represent accelerating regimes, dashed lines 

represent critical values. Figure after Helmstetter et al. (2004). 

The model was used to quantitatively analyse the displacement history of two historic 

landslides, the Vaiont and the La Clapière landslides, ultimately finding it correlates 

well with observations from both. They established that the Vaiont landslide, which 

was attributed to failure in clays bands within a limestone mass, and was characterised 

by devastating slope acceleration was analogous to the unstable acceleration regime 

(regime 2). And in the case of the La Clapière landslide, which was a failure in weak 

gneiss bedrock, characterised by peak acceleration and subsequent stabilisation, was 

found to resemble the stable acceleration regime of the model (regime 1) (Helmstetter 

et al., 2004). 

While the slider block model proposed by Helmstetter et al. (2004) provided an initial 

step towards a greater understanding of sliding regimes and their potential prediction, 

its simplicity results in some significant limitations. Of the limitations, the inability to 

model pore-pressure variations at the shear surface is one of the largest. 

2.6.3 Dilatancy feedback model 

Iverson (2005) incorporates the role of pore water as a first-order control on landslide 

movement to better understand the transition from stable to unstable motion, due to the 
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implications it has for the downslope hazard. The critical difference from the model 

proposed by Helmstetter et al. (2004) is the inclusion of a mechanical feedback 

between displacement and shear zone dilation or contraction by Iverson (2005). This 

feedback in turn feeds changes in basal pore-water pressure and ultimately regulates 

basal friction.  

The model itself is a slider block model where landslide displacement is governed by 

Newton’s second law and is solely resisted by basal Coulomb friction (schematically 

shown in Figure 2.12) (Iverson, 2005). Iverson’s model is a development of the 

sliding-consolidation model proposed by Hutchinson (1986), which similarly involves 

the regulation of a sliding block by pore-water pressure, with the key difference being 

the feedback mechanism included by Iverson (2005). 

 

Figure 2.12: Schematic diagram of Iverson's dilatancy feedback slider block model. Figure from Iverson 
(2005, p. 2). 

Iverson found that dilatant or contractive shearing in a saturated basal shear zone can 

lead to an acceleration or stabilisation of landslide motion. This is the product of the 

feedback between landslide displacement, shear zone volume change, pore-water 

pressure change and the consequent effect on Coulomb friction (Iverson, 2005). 

Iverson established that the aforementioned feedback depends on the dimensionless 

parameter α, which itself depends on the dilatancy angle (Ѱ) that describes a materials 

propensity for shear-zone volume change and the inherent timescales for pore-water 

pressure generation and diffusion (Iverson, 2005). Where α is found to be small, which 
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is typical of sand-rich material, shear-zone contraction can lead to a transition from 

stable motion to unstable acceleration. On the other hand, if α is large, typical of clay-

rich material, dilation of the shear zone can lead to a stabilisation of motion (Iverson, 

2005). Ultimately, Iverson suggests that it is the physical properties of a material and 

the historic forcing by rainfall that influence the evolution of a landslide. 

This model proposed by Iverson (2005) addresses the significant role pore-water 

pressure plays in landslide motion and evolution, provides an explanation for 

movement behaviours observed in some landslides and showcases how it is the 

materials properties that determines types of failure behaviours. However, like 

Helmstetter et al. (2004), it does not account for all complexities that have been 

observed in landslide motion, such as non-linear relationships between pore-water 

pressure and displacement. 

2.6.4 Micro-cracking and shear surface development model 

Petley et al. (2005) proposed a conceptual model for the development of a progressive, 

first-time failure in cohesive material landslides, that unlike the work by Helmstetter et 

al. (2004) and Iverson (2005), incorporated laboratory based testing. In the proposed 

model, four stages of failure development exist (Figure 2.13).  

Petley et al. (2005) suggest that the initial development of a shear-zone occurs when 

some critical FoS value is reached in response to fluctuations (in particular a rise) in 

PWP. At this stage, micro-crack formation begins, and a small amount of creep-like 

displacement takes place as a result (Figure 2.13 A). While formation of the micro-

cracks may have the effect of weakening the slope and reducing the FoS slightly, the 

slope is principally stable and any subsequent fall in PWP will cause the FoS to 

increase again. The second stage (Figure 2.13 B) would be termed secondary creep 

according to the classification by Varnes (1978). It begins when a second FoS 

threshold is met, where the coalescence of micro-cracks occurs and shear-surface 

development begins. A complete failure surface is not yet developed at this stage, but 

progressive development of the shear surface results in small amounts of displacement. 

The third stage of development is characterised by continued shear surface growth, 

leading to a concentration of stress, accelerated movement, and a linear trend in 

inverse velocity-time space during tertiary creep (Figure 2.13 C). PWP becomes 

increasingly unimportant during this stage, as continued movement is regulated by 

propagation of the shear surface, however, it is possible for a significant reduction in 
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PWP to arrest movement. Stage four is when complete failure occurs as the shear 

surface develops completely as the FoS reaches unity i.e. the shear forces are equal to 

the resisting forces (Figure 2.13 D).  

 

Figure 2.13: Four stages of failure development in the conceptual model proposed by Petley et al. 
(2005). Figure from Petley et al. (2005). 

This model, proposed by Petley et al. (2005), provides an explanation for brittle failure 

in cohesive materials, addresses the development of failure when the FoS is above 

unity, and explains a linear trend in inverse velocity-time space during tertiary creep. 

However, whilst the model does provide explanations for some observed phenomena, 

just like the other models reviewed, it is unable to account for the complexities 

observed in other failures.  

What is clearly evident from the several models reviewed here, is that each model is 

able to explain some phenomena well, but cannot account for the observed behaviours 

of all landslides. Each model is largely dependent on the type of landslide, the 

materials involved, and the mechanisms of deformation acting at the shear-surface; 

characteristics which vary between landslides.  

One potentially devastating failure behaviour the models described above do not seem 

to account for is that of rapid flow-slides. Rapid flow-slides, previously discussed as a 
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behaviour observed in fill slope failures, can be catastrophic due to their rapid 

movement and fluid-like behaviour; a behaviour widely hypothesised to be caused by 

liquefaction (e.g. Bishop, 1973; Take et al., 2004; Wang & Sassa, 2003). 

2.7 Liquefaction 

Liquefaction is the process by which a soil body loses a large proportion of its shear 

strength in response to a rapid rise in PWP. This occurs as the result of excess strain 

collapsing the soil structure (Figure 2.14 A), which instigates an increase in PWPs and 

a subsequent loss of strength in an undrained setting (Hungr, 2007). The most common 

form of liquefaction, as defined above, can be triggered by static factors such as 

rainfall and snowmelt, or by dynamic factors such as an earthquake (Wang & Sassa, 

2003). Whilst liquefaction most commonly occurs via the process discussed above, 

another type of liquefaction, termed sliding-surface liquefaction has also been 

identified (Okada et al., 2000; Sassa et al., 1996). 

Sliding-surface liquefaction develops following an initial failure, unlike the 

liquefaction mechanism described above. The Initial failure results in displacement and 

shearing along a shear zone, causing subsequent grain-crushing in the shear region 

(Figure 2.14 B). This textural change results in contraction (densification) of the shear 

zone and a subsequent rise in in PWP; ultimately leading to liquefaction occurring 

along the newly densified layer (Hungr, 2007). Importantly, grain-crushing is the only 

requirement for this behaviour, and does not require a given density state (Sassa, 

2000). 

 

Figure 2.14: Liquefaction and sliding-surface liquefaction. Figure after Sassa et al. (1996). 

Although failure via liquefaction can occur through two differing mechanisms, the 

characteristic failure behaviour that results from both mechanisms is the same.  

Landslides triggered by liquefaction are generally characterised by fluidised motion; 

with relatively higher rates of movement and longer run-out distances than most other 
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types of  landslides (Huang et al., 2012; Wang & Sassa, 2003). Critically, it is the 

implications this behaviour has on the prospective hazard that needs to be appreciated; 

as flow-like landslides have the potential to be devastating.  

One hazard in particular that should be appreciated and investigated is that loosely 

compacted fill slopes seem to be pre-disposed to failing through liquefaction. As 

discussed earlier catastrophic examples of fluidised failures in fill slopes have been 

seen globally (e.g. Bishop, 1973; Take et al., 2004), and importantly in the context of 

this research, several significant failures have been observed in Wellington, New 

Zealand over the past decade. 
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3 The susceptibility of fill slopes in Wellington, 

New Zealand 

 

3.1 Regional setting 

The Wellington region is a physically dynamic environment located on the southwest 

coast of the North Island of New Zealand. It is bounded to the east by the Rimutaka 

Range, south by the Cook Strait, west by the Tasman Sea and to the north by the 

Tararua Range (Figure 3.1). ‘The Wellington Region’ refers to Wellington City and 

the surrounding urban centres as displayed in Figure 3.1. The climatic, geologic and 

geomorphic setting have created an environment susceptible to landsliding, and has 

subsequently become an area of significant landslide activity and research (e.g. Crozier 

& Glade, 2005; Eyles et al., 1978; Glade, 1997, 1998). 

 

Figure 3.1: Image of the wider Wellington Region and key features of the area. Inset image (top left) 
highlights the location of the Wellington region in New Zealand (red box). 
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3.1.1 Geology 

The Wellington Region is founded on bedrock of the Torlesse Subgroup, comprising 

alternating layers of indurated sandstone (greywacke) and mudstone (argillite) of 

Mesozoic age (Begg & Johnston, 2000). These rocks have been significantly deformed 

and tectonically fractured by the faulting and folding of the northeast trending Ohariu 

and Wellington faults that run through the region, as well as the nearby Wairarapa and 

Pukerua faults that lie to the east and west respectively. Unconsolidated sediments of 

late Pleistocene and Holocene age, including alluvium, fill and aeolian sand deposits 

are also sparsely present in valleys, river basins, sand dunes, reclaimed areas and fills 

(Begg & Johnston, 2000; Khan et al., 2012).  

The broad structure of the region is shaped by the westward tilting fault blocks formed 

by varying uplift rates along the major northeast-southwest striking faults (Figure 3.1). 

Faulted synclines and anticlines that strike north-south have also developed as a result 

of frictional drag on fault boundaries, in particular the Wellington fault, forming key 

landforms such as the Wellington Harbour, Lower Hutt and Upper Hutt basins (Eyles 

& McConchie, 1992). These underlying geological formations that mould the region 

have continuously been heavily modified by climatic processes to reveal the landscape 

observed today. 

3.1.2 Climate 

The climate of the Wellington region is spatially and temporally variable, with the 

presence of the Cook Strait to the south and local topography playing important 

modulating roles. In general, the climate of the region reflects the interplay of the 

general westerlies and interposed anticyclones with the rugged local topography 

(Chappell, 2014). 

Precipitation in the region is highly variable due to the topographical influence on 

airflow, ranging from 2000mm/yr in the nearby Rimutaka and Tararua Ranges, to 

1000mm/yr at the airport in Wellington City (Figure 3.2). Average monthly rainfall is 

consistently above 58mm throughout the year, with winter months generally receiving 

the most at ~100mm/month (Table 3.1). Extreme weather events and associated 

periods of heavy rainfall are also a feature of the region, where high winds and heavy 

rain often result in flooding, slips and other hazards leading to significant clean-up 

costs (Chappell, 2014; Tomlinson & Dyke, 1977).  
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Table 3.1: Average precipitation totals and wet days at the airport in Wellington City. Table from 
Chappell (2014). 

  Jan Feb Mar Apr May Jun Jul Aug Sep Oct Nov Dec Ann 

Ave Precip 

(mm) 58 61 67 68 86 101 113 93 75 95 

 

75 65 957 

Wet days 
(> 1mm) 6 7 7 8 9 12 12 12 10 11   9   8 110 

 

 

Figure 3.2: Median annual rainfall in the Wellington region between 1981 and 2010. Figure from 
Chappell (2014). 

Wellington has a temperate climate, with temperatures relatively evenly spread year 

round due to the proximity of the ocean and windiness of the region. Summer months 

are characterised by mean average temperatures of approximately 16-18C, while 

winter temperatures are typically around 9-11C (Figure 3.3). Figure 3.3 also 

highlights the variability in temperatures experienced, with mean monthly minimums 

reaching 1-2C during winter, and mean monthly maximums reaching 26-27C in 

summer months. Temperatures are spatially variable across the region, with altitude, 

attitude, and proximity to the coast being the major controlling factors (Chappell, 

2014). 
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Figure 3.3: Wellington City average monthly air temperature variations. Figure from Chappell (2014, p. 
25). 

The climatic conditions described above have acted (and act) to shape the underlying 

geology, with climate-driven processes playing a major role in producing the 

geomorphic landscape we observe today (Eyles & McConchie, 1992).  

3.1.3 Geomorphology  

The geomorphology of the Wellington region reflects the relationship between 

tectonism and ongoing geomorphic adjustment that has, and continues to, occur. This 

interaction has sculpted a topography that is generally characterised by moderate to steep 

sloping hillsides and significant fluvial dissection of the landscape (Glade, 1997). One 

of the more recognisable features of the region is the so termed ‘K’ surface, which refers 

to the western areas characterised by uplifted surfaces of low relief and steep side slopes, 

as identified by Cotton (1957).  

The substantial tectonism in the region is reflected in the landscape with geomorphic 

features such as ridges and basins striking northeast-southwest or north-south following 

the trend of the major faults and their associated structures. Drainage in the region is 

also largely fault-controlled, as highlight by the orientation of major valleys and rivers 

such as the Hutt and Ohariu (Eyles & McConchie, 1992). Moderate to steep hillslopes 

are a key feature of the region, largely resulting from the combination of tectonic uplift 

and climate-driven erosional processes. Additionally, anthropogenic modification has 

played a significant role in modifying the urban geomorphology through cut and fill 

processes, resulting in the over-steepening of natural slopes and infilling of small valleys 

(Figure 3.4) (Eyles & McConchie, 1992). 
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Figure 3.4: Basic schematic of a cut and fill slope. 

While the region has a characteristic geomorphology shaped by interacting processes 

over millions of years, it is constantly in a state of ongoing adjustment (Eyles & 

McConchie, 1992). One of the key processes that plays a significant role in this constant 

adjustment is mass wasting (e.g. Eyles et al., 1978; Eyles & McConchie, 1992; Glade, 

1997).  

3.2 Historical landslide activity 

Landslides have long played a major role in sculpting the geomorphic environment of 

the Wellington Region, with early observations of earthquake and rainfall induced 

landslides dating back to 1848 and 1881 respectively (Eyles & McConchie, 1992; 

Glade, 1997). This susceptibility to landsliding is largely the result of the regional 

setting described previously, which predisposes the landscape to such mass wasting 

events.  Major events in the region, characterised by spatially extensive and numerous 

failures, occur on average twice a year (Grant et al., 2005). Although past events (since 

at least 1997) have not resulted in any deaths or injuries, they have come at a 

substantial cost to the economy. Seven significant rainfall events between 1998 and 

2005 resulted in 792 insurance claims being paid a total $5,146,000 for damages 

caused by landsliding (Grant et al., 2005). While seismicity and anthropogenic 

processes account for some of the landsliding observed in the Wellington Region, 

evidence suggests that heavy and/or prolonged rainfall is the most prevalent triggering 

mechanism (Eyles et al., 1978; Eyles & McConchie, 1992).  

Between 2000 and 2010, at least 238 of the 323 (73.7%) landslides in the Wellington 

Region recorded by the National Landslide Database were triggered by rainfall (GNS, 

2018). More specifically, a study investigating an unusually wet year as well as a 

singular event by Eyles et al. (1978) revealed in detail the enormous impact rainfall 
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can have. 1974 recorded one of the highest annual rainfall total in Wellington, with 

1495-2080mm recorded at rainfall stations across the city, whilst several other rainfall 

records also occurred, including highest monthly totals, wettest four month period and 

most wet days (Eyles et al., 1978). Field work undertaken by Eyles et al. (1978) 

captured the true impact of rainfall that year, identifying a total of 1149 landslips in the 

region (Figure 3.5). Furthermore, a single storm on the 20th of December 1976 was 

similarly destructive, with Eyles et al. (1978) identifying 550 landslips in Wellington 

City as a result of the event, which was characterised by rainfall totals varying from 71 

to 300mm (Tomlinson & Dyke, 1977). Although it is rainfall and other triggers that 

cause landsliding, ongoing anthropogenic modification may have exacerbated the 

susceptibility of many slopes to failure (Eyles and McConchie, 1992). 
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Figure 3.5: Landslides in Wellington during 1974. Figure from Eyles et al. (1978, p. 5). 

Of the 1149 landslides identified by Eyles et al. (1978) in 1974, only two occurred in 

natural slopes, with the rest taking place on road cuts and various fills. Adding to this, 

70% of the landslides identified during the 1976 storm also occurred in cut and fill 

slopes (Eyles et al., 1978). Although many of the failures on anthropogenic slopes are 

only minor slumps and slips, there have been several significant failures in the 
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Wellington Region since 2006 that suggest some fill slopes in particular may pose a 

considerable hazard. Explicitly, these failures are concerning because they displayed 

fluidised failure behaviours analogous to devastating fill slope failures observed 

globally (discussed in Section 1.1).  

In 2006, a large landslide estimated to have involved approximately 1500-2000m3 of 

material occurred in a fill slope after ~52mm of rainfall fell over a 48 hour period in 

the Lower Hutt suburb of Kelson (Hancox et al., 2007). Luckily, no homes were 

destroyed by this event, however, several were left lurching only metres from disaster 

with one having to be demolished as a result (Figure 3.6). Investigations into the 

landslide by the local council laid blame on the poor construction of the fill in the 

1970’s, and that the presence of a decomposed layer of vegetation at the base of the 

landslide contributed to failure (Hancox et al., 2007).  

On the 1st of June 2013, at least 90 people had to be evacuated from their homes as a 

large fill slope failure undermined two houses and threatened several more on Priscilla 

Crescent in the Wellington City suburb of Kingston (Figure 3.6). This landslide 

involved ~50,000m3 of material producing a run-out approximately 150m long and 

40m wide, and was observed by residents to fail over a period of minutes displaying 

highly fluidised motion (Boyer & Daly, 2013; Duff, 2013). While it is still unclear 

exactly what caused the failure, the surface ponding of water and fluidised nature of 

the event indicate the landslide mass was highly saturated, strongly suggesting that 

changing pore pressure conditions were responsible for failure.  

Most recently, on the 6th of April 2017, a second large fill slope landslide occurred in 

the Wellington City suburb of Kingston (Figure 3.6). This landslide occurred on 

Halifax Street, less than 200m from the Priscilla Crescent failure. Heavy rainfall 

triggered the Halifax Street landslide, as fragments of an ex-tropical cyclone passed 

across the northern parts of New Zealand, with over 100mm of rainfall falling in the 

three days prior to the failure (NIWA, n.d.). The size of the landslide was estimated to 

be up to three times greater than that of the Priscilla Crescent failure (Hunt & George, 

2017), and it exhibited very similar fluidised failure characteristics.  

An analysis of the geomorphology and behaviour of the three landslide events 

identifies important similarities and reveals crucial failure information. All three events 

were characterised by a steep head-scarps, moderate-to-low angle runouts, and rapid, 

fluidised motion (Figure 3.6). In the case of the two failures in Kingston, lobe deposits 
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at the end of the runout were also present, while in the case of the Kelson event, no 

image/information was found to identify the presence or lack of.  Furthermore, all 

three failures took place in gully-head fills, typified by convergent geomorphic 

hollows (Figure 3.6). This information suggests all three landslides are best classified 

as debris flow-slides using the scheme proposed by Hungr et al. (2014), while also 

indicating important information about soil conditions prior to failure and controls on 

landslide motion.  

The location of the landslides in topographic hollows is important, as the convergent 

nature of the hillslopes act to concentrate groundwater flow and drainage from rainfall 

(Fernandes et al., 2004; Montgomery & Dietrich, 1994). This suggests that the sites of 

the three fill slope failures may have had relatively high permanent water tables, or that 

during rainfall, the concentration of drainage would have allowed saturated conditions 

to readily develop. Additionally, another important observation was the moderate 

(Kelson failure) to low (both Kingston failures) angle runouts, and subsequent high 

mobility of the landslides. In particular, the low runout angles of both the Kingston 

failures suggests that the finer sediments are having a dominant control on landslide 

behaviour, and not the gravel and cobble sized particles present. This is because the 

high mobility of the landslides implies that the finer sediments may act to sustain high 

pore-water pressures following failure (Iverson et al., 2015; Legros, 2002), allowing 

the landslides to display fluidised, highly-mobile runouts. These interpretations 

suggest two key features of failure in the fill slopes: 1) saturated soil conditions were 

likely present, and 2) the fine grained sediments have a significant control of slope 

failure behaviour. 

It is clear that the Wellington Region is an active environment predisposed to slope 

instability, where rainfall-induced landslides are recorded annually. Wellington’s 

anthropogenic slopes are of key interest as a series of failures since 2006 suggests that 

some engineered fill slopes may be susceptible to fluidised failure with long runout 

during rainstorms. These failure types present a significant hazard, but to date little 

laboratory-based research has been conducted to understand their failure mechanisms.
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Figure 3.6: Geomorphic analysis of three fluidised Wellington fill slope failures. Sources: 2) Hunt and George (2017), 5) Boyer and Daly (2013), 8) & 9) Hancox et al. (2007).
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4 Methodology 
 

The methods employed during this research were chosen to better understand the 

failure behaviour of fill material and specifically to carry out the aims of the study 

outlined in Section 1.3; they can be summarised as follows: 

1. Sample collection (Section 4.1) 

2. Physical property analysis (Section 4.2) 

3. Specialist dynamic back-pressured shear box testing (Section 4.3) 

4.1 Sample collection 

Both disturbed and undisturbed samples of the engineered fill material were collected 

from the location of the 2013 Priscilla Crescent landslide using standard sampling 

techniques. Sampling of fill material only took place at the Priscilla Crescent site as 

access was permitted by the Wellington City Council, however, this material is likely 

representative of fill in the region, which is generally composed of Torlesse greywacke 

aggregate.   

Two undisturbed block samples, which maintain the in-situ properties of the material, 

were taken from the true left and true right of the landslide head scarp. This was 

achieved by first creating a rectangular exposure, and then slowly chiselling downward 

to expose four sides. A plastic container was then placed over the protruding block, 

and then the bottom plane was chiselled away until the block could be removed freely. 

Once the blocks were removed they were handled carefully and wrapped tightly in 

cling-film to prevent any degradation and desiccation occurring. Two disturbed 

samples, which do not maintain the in-situ properties of the material were also 

collected in sealed plastic bulk bags to maintain the natural moisture content.  

The samples were then transported to GNS Science in Wellington, where they were 

stored in a climate controlled chamber to maintain the in-situ properties of the 

materials collected. Subsequent testing and preparation occurred at GNS Science and 

Victoria University of Wellington. 

4.2 Physical property analyses  

A suite of conventional soil classification tests were undertaken on the engineered fill 

material in order to determine the basic physical properties of the material. The tests 

included particle size distribution, moisture content, loss on ignition, density and 
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Atterberg limit tests. These tests determine the fundamental properties of the material 

that may help explain why the material exhibits the failure mechanisms and behaviours 

it does.  

4.2.1 Particle size distribution 

A complete particle size distribution (PSD) was obtained through standard dry-sieving 

techniques using steel sediment sieves. An undisturbed sample was dried in an oven to 

remove any moisture to enable the dry sieving. This sample was then sieved into >19, 

19-9.5, 9.5-4.75, 4.75-0.425, <0.425mm particle size ranges. A pestle was needed to 

disaggregate material that clumped during drying, however, care was taken to ensure 

no individual particles were crushed. The particle size fractions were then weighed, 

and the weight percentage of each size range was calculated to identify to complete 

PSD. 

 

A more detailed PSD for the fine fraction (<2mm) of the material was also determined 

using a SediGraph 5000 laser particle sizer (LPS). An undisturbed sample was dried, 

disaggregated and sieved to obtain the portion of sample <2mm. Four 5g samples were 

then obtained using a sample splitter to ensure a true PSD representation. A 0.5g/L 

Calgon solution was added to the samples before they were then placed in an 

ultrasonic tank for 30 minutes prior to being run through the LPS to ensure the 

material was completely disaggregated. The four samples were then run through the 

LPS, and an average across the obtained PSDs was determined. 

4.2.2 Moisture content 

Undisturbed samples that retained the in-situ characteristics of the fill material were 

used to calculate the moisture content of the material. This was achieved by comparing 

the weights of samples that had been fired in a furnace (Wd) at 110C for ~24 hours to 

remove any moisture from the original weight of the samples (Wm). An average across 

four samples was taken, where the moisture content was equal to: (Wm - Wd)/ Wm                        

4.2.3 Loss on ignition 

The fraction of organic content in the material was identified using loss on ignition 

testing methods. Eight pre-weighed samples were ignited in a furnace at high 

temperatures (400C) for three hours causing the organic material to combust. The 

post-ignition weight (Wp) was then compared to the pre-ignition weight (Wi) to obtain 
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the fraction of organic content present, where the fraction of organic content was equal 

to (Wi – Wp)/ Wi . An average across the eight samples was taken.     

4.2.4 Density 

Due to the irregular shape of the undisturbed samples (Figure 4.1), the bulk density of 

the material was obtained using unconventional methods. Archimedes’ principle was 

used to obtain the volume of three undisturbed samples as they were wrapped in cling-

film (to prevent the absorption of water) and then submerged in water. Using 

Archimedes’ principle the volume and the density of the material was estimated as 

follows: 

   

𝑚3 =  𝑚2 − 𝑉𝑤𝜌𝑤                                                            (using Archimedes’ principle) 

 

𝑉𝑠𝑝𝑒𝑐𝑖𝑚𝑒𝑛 =  
𝑚2− 𝑚3 

𝜌𝑤
−  

𝑚2− 𝑚1 

𝐺𝜌
                                            (finding the volume of the specimen) 

  

𝜌 =  
𝑚1

𝑉𝑠𝑝𝑒𝑐𝑖𝑚𝑒𝑛
                                                                                                                  (finding the bulk density) 

 

Where: 𝑚1 = specimen mass, 𝑚2 = specimen + cling film mass, 𝑚3  = apparent 

immersed mass, 𝑉𝑤 = volume of displaced water, 𝜌𝑤 = density of water, 𝑉𝑠𝑝𝑒𝑐𝑖𝑚𝑒𝑛 = volume of 

the specimen, 𝐺𝜌 = cling film density, 𝜌 = bulk density, and 𝑤 = water content. 

 

From the bulk density, the dry density could then be calculated as follows: 

  

𝜌𝑑 =  
𝜌

1 + 𝑤
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Figure 4.1: In-tact block sample taken from Priscilla Crescent, Wellington. 

4.2.5 Atterberg limits 

Atterberg limits are a measure of the critical water content of a soil that define 

boundaries of behaviour change (Selby, 1993). The liquid and plastic limits, defined as 

the moisture content at which the material begins to behave as a liquid and plastic 

respectively, were obtained for the fine portion (<425µm) of the material. 

Liquid limit 

The liquid limit of the material was determined using a Casagrande apparatus 

following standard procedures (e.g. Das, 2013; Vickers, 1978). The Casagrande device 

(shown schematically in Figure 4.2 a) is primarily made up of a brass cup and a rubber 

base. The cup can be raised and dropped repeatedly onto the rubber base by a cam 

operated using a crank on the side of the device. 
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Figure 4.2: Schematic diagram of the Casagrande device (a), a grooving tool (b), sample at the 
beginning of a test (c) and at the end (d). Figure from Das (2013). 

To perform the test, a sample was dried, disaggregated using a pestle, and then sieved 

so only material <425µm was used in the test. The sample was then mixed with water, 

forming a paste, which is then placed inside the brass cup. Using a grooving tool 

(Figure 4.2 b), a groove was cut in the sample along the diameter of the cup from the 

cam to produce the schematic in Figure 4.2 c. The crank was then turned, lifting the 

cup and dropping it onto the rubber base (referred to as a blow). The crank was turned 

at a constant rate until the groove in the bottom of the sample was closed (Figure 4.2 

d), and the number of blows was recorded. This process was repeated three times with 

the sample at varying moisture contents. The liquid limit, by definition (e.g. Das, 

2013), was then taken as the moisture content (in percent) at which it takes 25 blows of 

the cup to close the groove in the cup, which was obtained based on the trend-line 

(commonly referred to as a flow curve) fitted to the graph shown in Appendix A. 
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Plastic limit 

The plastic limit was again obtained following standard procedures (e.g. Das, 2013; 

Vickers, 1978). As in the liquid limit testing, the material was dried, disaggregated and 

sieved so only material <425µm was used. The sample was then mixed with water 

until it was sufficiently plastic to be rolled into a ball. The ball was then split into three 

parts, and the following was undertaken for each: 

The sample was rolled on a glass plate using fingertips forming a thin thread 

approximately 3.2mm in diameter, using a glass rod with a 3.2mm diameter as a guide. 

The thin thread was then rolled back into a ball, and rolled into a thin thread again. 

This process was repeated until cracks developed in the thin thread, at which point the 

moisture content was determined. 

An average of the moisture content of the three samples was taken as the plastic limit 

of the sample (as can be seen in Appendix A). 

Liquid and plasticity index 

From the values obtained in the liquid and plastic limit testing, the liquidity and 

plasticity indexes were then calculated for the material using the equations outlined in 

Selby (1993) and shown in Appendix A. 

 

The plasticity index (PI) defines the range of water contents between the liquid (LL) 

and plastic limits (PL): 

𝑃𝐼 = 𝐿𝐿 − 𝑃𝐿 

 

The liquidity index (LI), in percent, compares the soils natural moisture content 

(NMC) with its plasticity: 

𝐿𝐼 (%) =  
𝑁𝑀𝐶 − 𝑃𝐿

𝑃𝐼
 

 

Where a LI of 0% suggests the soil is at its PL, and a LI of 100% suggests it is at its 

LL. 

4.3 Dynamic back-pressured shear box testing 

A series of specialist laboratory tests were carried out on remoulded fill samples from 

the Priscilla Crescent site using a Dynamic Back-Pressured Shear Box (DBPSB). The 
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DBPSB was developed by GDS Instruments Ltd., and is a relatively novel apparatus 

for laboratory-based landslide testing (Figure 4.3). The DBPSB allows static and 

dynamic direct shear testing to be undertaken while being able to control and measure 

the pore pressure within the sample (Brain et al., 2015; Carey et al., 2017). 

Importantly, this capability provides a unique opportunity to investigate how shear 

surfaces develop within fill slopes in response to increasing pore-water pressures. 

The device uses samples of 100 x 100 mm (plan) and 20 mm (depth) dimensions. 

Samples are placed in a sample chamber that is divided into an upper and lower section 

(to allow for shearing). During sample preparation, the upper and lower sections are 

kept connected using two screws as the sample is placed into the chamber away from 

the rest of the DBPSB apparatus. An in-tact or remoulded sample is placed above the 

porous plate (present in a recess), with two pieces of filter paper (of the same 100 x 

100 mm dimensions) placed on either side of the sample. An upper porous plate is then 

placed above the sample and filter paper. The sample chamber is then secured in the 

DBPSB pressure vessel using four screws, before a vertical spacer is placed on top of 

the sample chamber and the two securing screws (holding the upper and lower 

sections) are removed. The pressure vessel is then sealed by mounting and fastening in 

place the upper section of the DBPSB, while at the same time making sure the normal 

load cell (NLC) aligns with the sample chamber. Securing clamps are then fastened to 

hold the sample chamber in place, and the pressure vessel (surrounding the sample 

chamber) is then flooded with de-aired water. 
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Figure 4.3: Schematic of the dynamic back pressured shear box (DBPSB), A) displays area highlighted by 
black-dashed box in B). Sources: A) adapted from Brain et al. (2015), B) from Carey et al. (2017). 

Samples are tested in saturated conditions as described in Section 4.3.2. Once saturated 

(or not), the sample is then loaded (consolidated) using the normal load ram (NLR), 

simulating in-situ hillslope conditions (i.e. the weight of overlying material). The 

upper section of the sample chamber is then lifted by fastening multiple screws, 

creating space to allow for shearing to take place. During shearing, the upper section is 
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held steady, as the lower section is displaced by the horizontal load ram (HLR). 

Shearing can be controlled by increasing the shear stress at a given rate, increasing the 

PWP and thus decreasing the effective stress, or by specifying a displacement rate 

(Brain et al., 2015).  

The device is controlled using GDSLab software, which was set to record 

measurements of all variables (horizontal displacement, stress and load; normal 

displacement, stress and load; pore pressure; back pressure, back volume) throughout 

testing at ten second intervals. 

4.3.1 Sample preparation 

Three different soil sample types that had different particle size distributions (PSDs) 

were used throughout testing: 0-0.4mm (PSD1), 0-2mm (PSD2) and 0.4-2mm (PSD3). 

Samples were prepared by first dry sieving both the undisturbed and disturbed fill 

samples collected from the Priscilla Crescent site into the specified particle size ranges. 

100 x 100 x 20mm remoulded samples were then prepared for each test which 

reflected the true natural density and moisture content of the fill material identified 

during the physical property testing.  

4.3.2 Sample saturation and consolidation 

Samples were initially saturated to replicate worse-case ground conditions in a 

hillslope. Carbon-dioxide was first pumped through the sample at a slow, controlled 

rate, to remove the pore-air (carbon-dioxide was used as it readily dissolves in water). 

De-aired water was then pumped through the sample, again at a slow rate, filling all of 

the pore space. The back-pressure and normal stress were then raised simultaneously to 

150 and 160kPa respectively, in order to dissolve any remaining carbon-dioxide into 

solution ensuring complete saturation.  A constant effective normal stress of 10kPa 

was maintained during this stage to ensure no sample swelling occurred. 

Following the completion of the saturation stage, and prior to shearing, samples were 

consolidated to replicate in-situ conditions. This was achieved by applying a specified 

normal load to the samples over a ten minute period. The testing conditions were then 

held constant until any resulting consolidation (change in axial strain) concluded.  The 

amount and trend of the load applied varied between tests. 
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4.3.3 Conventional drained direct shear testing 

The DBPSB was initially used to undertake a series of conventional, drained direct 

shear tests in order to identify the conventional failure envelopes (CFEs) of the three 

soil samples and investigate the basic behaviour of the materials. Results from these 

tests will also define failure parameters to be used in the design of future tests. 

Following saturation, the samples were first consolidated at an effective normal stress 

of 50kPa. Once this first stage of consolidation was completed, the samples were then 

subjected to three stages of displacement-rate controlled shearing at a rate of 

0.1mm/minute. These stages were labelled 1A, 1B and 1C, corresponding to shearing 

6cm forward (A), 12cm backwards (B) and then 6cm forwards (C). 

Once the first shearing stages were completed, the samples were then reconsolidated at 

an effective normal stress of 150kPa. Another three stages of shearing, identical to the 

first stages, were then undertaken (labelled 2A, 2B, and 2C). Once again, following the 

completion of the second shearing stages, the samples were reconsolidated once more 

under an effective normal stress of 400kPa and three shearing stages (3A, 3B, and 3C) 

were completed.  

In total, three shearing stages at normal effective stresses of 50, 150 and 400kPa were 

completed in order to determine the CFEs of the three soil samples. A summary of the 

CFE tests and key parameters used are shown in Table 4.1. 

Table 4.1: Conventional direct shear tests 

Test 
reference 

Sample Consolidation 
stress (kPa) 

Shear rate  
(mm/min) 

PPI rate 
(kPa/hr) 

Sample 
condition 

DS1 PSD1 50, 150, 400 0.1 n/a remoulded 

DS2 PSD2 50, 150, 400 0.1 n/a remoulded 

DS3 PSD3 50, 150, 400 0.1 n/a remoulded 

 

4.3.4 Rapid direct shear testing with pore-water pressure measurement 

A set of displacement-rate controlled rapid direct shear tests were conducted on the 

three soil samples to investigate their PWP response to shearing. 

Following the completion of the saturation stage, samples were consolidated at an 

effective normal stress of 150kPa. Samples were then sheared from 0 to 7.5mm at a 

constant rate of 1.5mm/minute. Once PWP had then dropped back to the baseline value 
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of 150kPa following the first rapid shear, the samples were then sheared from 7.5 to 

0mm at the same rate (1.5mm/minute). 

A summary of the rapid shear tests and the key parameters used are shown in Table 

4.2. 

Table 4.2: Direct rapid shear tests 

Test reference Sample Consolidation 
stress (kPa) 

Shear rate 
(mm/min) 

PPI rate 
(kPa/hr) 

Sample 
condition 

RS1 PSD1 150 1.5 n/a remoulded 

RS2 PSD2 150 1.5 n/a remoulded 

RS3 PSD3 150 1.5 n/a remoulded 

 

4.3.5 Pore pressure inflation testing 

In order to simulate the conditions of rainfall-induced slope failure, a set of pore-

pressure inflation (PPI) tests were carried out on the three samples. During these PPI 

tests, the shear stress is held at a constant rate, while the pore-pressure in the sample is 

increased at a specified style and rate in order to replicate the effects of different 

rainfall scenarios; ultimately leading to a reduction in the effective normal stress and 

eventual failure. 

Normally-consolidated linear PPI  

Linear PPI tests were carried out on all three samples. Samples were first normally 

consolidated at an effective normal stress of 150kPa. The shear stress was then raised to 

70% of the samples CFE at an effective normal stress of 150kPa, which was obtained 

during the CFE testing described in Section 4.3.3. This corresponded to a shear stress of 

42kPa for PSD1, 65kPa for PSD2, and 70kPa for PSD3. 

Following the application of the shear stress and the termination of any displacement 

that developed as a result, the PWP was raised from 150kPa at a rate of 5kPa/hour until 

failure.  

Over-consolidated linear PPI 

Linear PPI tests were also carried out on two over-consolidated PSD2 samples. These 

over-consolidated tests were only undertaken on the PSD2 material as it contains the 

PSD most representative of fill slopes. The only difference between these tests and the 

previously described linear PPI tests, is that here the samples were consolidated at a 

greater effective normal stress. The first sample was consolidated at an effective 
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normal stress of 300kPa, while the second was consolidated at 600kPa. Once the 

samples had finished consolidating, the effective normal stress was then reduced to 

150kPa, producing an over-consolidation ratio of two (OC2) and four (OC4) 

respectively. Following this reducing of the effective normal stress, the linear PPI test 

was carried out as described above, by increasing the PWP at 5kPa/hour until failure. 

A summary of all PPI tests carried out and the key parameters used is shown in Table 

4.3 

Table 4.3: PPI tests 

Test reference Sample Consolidation 
stress (kPa) 

Shear rate 
(mm/min) 

PPI rate 
(kPa/hr) 

Sample 
condition 

PPILinear1 PSD1 150 n/a 5 remoulded 

PPILinear2 PSD2 150 n/a 5 remoulded 

PPILinear3 PSD3 150 n/a 5 remoulded 

PPILinear2-OC2 PSD2 300 n/a 5 remoulded 

PPILinear2-OC4 PSD2 600 n/a 5 remoulded 
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5 Results 
 

5.1 Physical properties 

The fill material collected from the Priscilla Crescent landslide site was described in-

situ as: 

Sandy fine to coarse GRAVEL with minor silt and trace organics; light brown to 

yellow. Moderately to loosely packed; dry; well graded. Gravel, sub-angular to angular, 

moderately weathered greywacke (indurated sandstone); Sand, fine to coarse; Organics, 

rootlets. 

The physical properties of the fill material obtained during laboratory testing are 

presented in Table 5.1, and indicate the material has an average moisture content of 

7.5%, and an average bulk density of 2.39g/cm3. The total PSD analysis determined 

that the majority of the material (by mass) consists of fine to coarse gravel (72%), 

whilst the remainder consists of cobbles (8%), sand (16.5%) and fines (3.5%) (Figure 

5.1). Analysis of material finer than 1.5mm, which accounts for approximately 17% of 

the total material by mass, revealed more specifically that this finer portion of the 

material consists of 66% sand, 31% silt, and 3% clay (Figure 5.2). 

Table 5.1: Physical properties of the Priscilla Crescent fill. 

Physical property Priscilla Crescent Fill 

Dry density (g/cm3) 2.23 

Bulk density (g/cm3) 2.39 

Organic content (%) 3.5 

Moisture content (%) 7.5 

Particle size:  
Cobble (%) 8 

Gravel (%) 72 

Sand (%) 16.5 

Fines (%) 3.5 

Material finer than 425µm:  

Liquid limit (%) 28.6 

Plastic limit (%) 19.1 

Liquidity index -1.2 

Plasticity index 9.4 

Class CL 
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Figure 5.1: Total particle size distribution of the Priscilla Crescent fill obtained from dry sieving. 

 

Figure 5.2: Particle size distribution of material finer than 1.5mm in the Priscilla Crescent fill obtained 
from LPS. 

Atterberg limit testing conducted on the material finer than 425µm revealed that the 

fill material contains a low plasticity clay (Figure 5.3), with a plastic limit of 19.1% 

and a liquid limit of 28.6% (Appendix A). 
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Figure 5.3: Classification of the fill material finer than 425µm collected from the Priscilla Crescent site 
using a plasticity chart. Note: M = Silt, C = Clay, L = Low plasticity index, H = High plasticity index. The 
‘A’ line separates clays and silts, and the ‘U’ line represents the approximate upper boundary for the 

properties of natural soils (i.e. natural soils should plot below). 

5.2 Dynamic back-pressured shear box testing 

To accomplish the aims of the study, a series of specialist laboratory tests were carried 

out using a DBPSB. A summary of the tests conducted and key parameters used is 

presented in Table 5.2. 

Table 5.2: Summary of all test conducted using the DBPSB 

Test reference Sample Consolidation 
stress (kPa) 

Shear rate 
(mm/min) 

PPI rate 
(kPa/hr) 

Sample 
condition 

CFE1 PSD1 50, 150, 400 0.1 n/a remoulded 

CFE2 PSD2 50, 150, 400 0.1 n/a remoulded 

CFE3 PSD3 50, 150, 400 0.1 n/a remoulded 

RS1 PSD1 150 1.5 n/a remoulded 

RS2 PSD2 150 1.5 n/a remoulded 

RS3 PSD3 150 1.5 n/a remoulded 

PPILinear1 PSD1 150 n/a 5 remoulded 

PPILinear2 PSD2 150 n/a 5 remoulded 
PPILinear3 PSD3 150 n/a 5 remoulded 

PPILinear2-OC2 PSD2 300 n/a 5 remoulded 

PPILinear2-OC4 PSD2 600 n/a 5 remoulded 
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5.2.1 Consolidation behaviour 

During direct shear testing, all samples underwent three stages of consolidation at 

normal effective stresses (p’) of 50, 150 and 400kPa. When viewing consolidation data 

from the direct shear tests (Figure 5.4 A), it is important to note that the three 

consolidation stages for each PSD occurred on the same sample, with stages of 

shearing (and subsequent consolidation) in between. This means we do not see 

increasing amounts of axial strain (ɛa) occurring when the samples are consolidated at 

an increasing effective stress; importantly, it is the overall behaviour of the different 

materials which is of interest. In general, we can see the PSD2 sample consolidates the 

least, and PSD3 the most (Figure 5.4 A). This behaviour is most easily observed when 

looking at the axial strain occurring during the first consolidation stage (solid lines), or 

when comparing the total axial strain that occurred over the entire set of direct shear 

tests (dotted lines).  

Consolidation data from the (normally consolidated) rapid shear and linear PPI tests 

where all samples were consolidated under an effective stress of 150kPa is more 

variable than the direct shear data (Figure 5.4 B). In saying this, a similar trend can still 

be observed, with the PSD3 material generally undergoing the most consolidation, and 

the PSD2 samples the least, with irregularities likely the result of sample variability.  

Data from PPI testing on the over-consolidated PSD2 material displays an expected 

trend, with samples consolidated under greater effective stresses experiencing the 

greatest amount of axial strain (consolidation) (Figure 5.4 C). The average axial strain 

occurring on the normally consolidated PSD2 samples was ~18%, while the over-

consolidated samples experienced 24% and 35% axial strain for the OC2 and OC4 

samples respectively. 

Overall, data across all tests indicates that the PSD3 material is predisposed to 

experiencing the greatest amount of consolidation, followed by PSD1, whereas the 

PSD2 material is prone to consolidating the least. Additionally, an increase in the 

consolidation stress is observed to increase the amount of consolidation that occurs.  
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Figure 5.4: Consolidation results from all testing. A) Conventional direct shear testing, B) Rapid shear 
and linear PPI testing – all samples consolidated at 150kPa, C) Over-consolidation testing. Note an 

increase in axial strain (a) indicates sample consolidation. 

5.2.2 Conventional direct shear testing 

During the direct shear testing, samples were subjected to three stages of displacement-

rate controlled shearing under different effective stresses (p’) (50, 150, 400kPa). Note 

that shear ‘stages’ correspond to 1, 2, 3, while shear ‘phases’ corresponds to A, B, C. 
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In general, all three materials initially display strain-hardening behaviour, before either 

continuing to strain-harden at decreased rates, or achieving a steady state where strain 

continues to accumulate with little or no further increase in stress. Only two minor 

periods of strain-softening behaviour are observed across all shear phases.  

PSD1 stress-strain behaviour (Figure 5.5) 

During the first stage of shearing, PSD1 exhibits a similar behaviour across all 

shearing phases. Initially, the PSD1 sample undergoes a period of increasing stress 

with strain, before strain then begins to accumulate with very little further increase in 

stress. Each subsequent shear phase during stage one (1B, 1C) reaches a higher shear 

stress than the previous phase. Shear phase 2A displays a more rapid increase in stress 

with little strain accumulation, before the rate of stress increase, reduces, and a peak 

shear strength is reached after approximately 10% strain. After reaching the peak, the 

stress required for strain to accumulate slowly reduces until a residual shear strength is 

reached after ~30% strain. Phases 2B and 2C initially undergo much more gradual 

increases in stress with strain, until a steady state is reached at around 30% strain. The 

stress required in phases 2B and 2C is approximately twice as much as that observed 

during phase 2A. During the third shear stage, shear phase 3A initially displays a rapid 

increase in stress, before the rate of stress increase reduces developing into a shallow 

linear trend. Shear phase 3B and 3C first undergo relatively subdued increase in stress 

with strain when compared to 3A, before reaching approximately 20% strain a similar 

shallow linear relationship develops. Analogous to the behaviour from the second 

shear stage, shear phases 3B and 3C reached approximately double the stress of shear 

phase 3A. 

 

Figure 5.5: Stress-strain behaviour of PSD1 obtained from conventional direct shear testing. 
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PSD2 stress-strain behaviour (Figure 5.6) 

The PSD2 material displays a similar behaviour in all shear phases of the first stage, 

with the material first undergoing a very gradual increase in stress with strain, before 

an approximately linear relationship develops after ~8% strain. Shear phase 2A 

initially shows a much more rapid rise in stress with strain, before a shallow linear 

trend develops after ~3% strain. Shear phases 2B and 2C first experience a gradual 

increase in stress with strain, before reaching a somewhat similar linear trend to phase 

2A, albeit at almost twice the shear stress and after nearly 25% strain. The behaviour 

during the third shear stage is analogous to that of the second. Shear phase 3A 

undergoes a rapid increase in stress with strain, before developing into a linear trend 

after approximately 5% strain. While during phases 3B and 3C, stress increases more 

gradually with strain, before a similar linear trend develops at a much higher shear 

stress and after approximately 24 and 34% strain respectively. 

 

Figure 5.6: Stress-strain behaviour of PSD2 obtained from conventional direct shear testing. 

PSD3 stress-strain behaviour (Figure 5.7) 

During the first shear stage, the PSD3 material displays a consistent behaviour across 

all three phases, characterised by a very minor, but rapid initial increase in stress to 

roughly 0.5% strain, before a shallow linear relationship develops after ~1% strain. 

The second shear stage is much like the first, undergoing an initial period of rapid 

increase in stress with strain until reaching approximately 2% strain, after which, strain 

continues to accumulate with very little further increase in stress as a shallow linear 

trend develops. Phases 2B and 2C require over twice the shear stress as observed in 

phase 2A. Shear phases during the third shear stage are analogous to those observed in 
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the first and second stages, undergoing an initial rapid increase in stress to 

approximately 5% strain, before the rate of stress increase reduces significantly and 

develops into a linear trend. Phases 3B and 3C require well over double the stress as 

observed in 3A. 

 

Figure 5.7:  Stress-strain behaviour of PSD3 obtained from conventional direct shear testing. 

 

Conventional failure envelopes 

From the above stress-strain plots, multiple CFEs for each material could be obtained 

by picking the peak shear strength value from each shear stage and plotting it against 

the consolidation stress under which the shear took place. In all cases, the failure 

envelopes obtained were linear (Figure 5.8; Figure 5.9). Originally, just the initial 

shear phase (1A, 2A, and 3A) of each stage was used as it is the most representative of 

first-time failure in the material. The subsequent shear phases (1B, 1C, 2B, 2C, 3B, 

and 3C) were also analysed, and are presented here to investigate how the behaviour 

evolves with subsequent shearing. 

The CFEs for first-time shears (failures) in each material clearly shows that PSD1 is 

significantly weaker than both PSD2 and PSD3 samples, displaying a friction angle 

(’) of 22.1° and cohesion (c’) of 2kPa (Figure 5.8). PSD3 was the strongest of the 

three materials, exhibiting ’ and c’ values of 32.0° and 4.7kPa, respectively, slightly 

more than the 29.9° and 3.5kPa recorded for PSD2. The low cohesion values obtained 

are to be expected due to the nature of remoulded samples. 
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Figure 5.8: CFEs and soil friction angles of the three different PSDs obtained from conventional direct 
shear testing. 

When investigating how the materials’ CFE characteristics changed with subsequent 

shearing stages, it can be seen that all three samples strengthened significantly from 

the first shearing phase to the second (A to B) (Figure 5.9). PSD1’s ’ value increased 

from 22.1° to 36.1°, PSD2’s increased from 29.9° to 42.6°, and PSD3’s increased from 

32.0° to 63.2°. This increase in sample strength is likely due to the consolidation that 

occurred across all three samples during the first shearing phases (A) (see Appendix B: 

Figs. B1, B2, B3). Contrastingly, all three samples weakened slightly following the 

second shearing stage (B to C) (Figure 5.9). PSD1’s ’ value decreased slightly from 

36.1° to 34.4°, PSD2’s decreased considerably from 42.6° to 35.1°, and PSD3’s 

decreased slightly from 63.2° to 61.4°. Considering all three samples consolidated 

during the second shearing phases (B) (see Appendix B: Figures. B1, B2, B3), this 

weakening could be the result of the complete development of a shear surface or grain 

crushing in the shear region. 
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Figure 5.9: All CFEs obtained for each sample during conventional direct shear testing. A) PSD1, B) 
PSD2, C) PSD3 

5.2.3 Rapid direct shear testing with pore-water pressure measurement 

To investigate, if, and how the different samples generate and sustain excess PWPs in 

response to shearing, two stages of displacement-rate controlled shearing were 

undertaken on all samples. During these tests, all samples were able to generate excess 

PWPs through the early stages of shear, before subsequent drainage caused PWPs to 

fall to the baseline value (Figure 5.10). While all samples were able to generate excess 

PWPs, their behaviour differed notably, in terms of the rate of generation and diffusion 
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of PWPs, and also the maximum PWP generated. Additionally, there was a marked 

difference in behaviour observed between the first and second shears. 

 

Figure 5.10: PWP generation during rapid shear testing across all samples. 

 

Figure 5.11: Contractive behaviour of samples during rapid shear testing. Solid lines represent rapid 
shear 1, dashed lines represent rapid shear 2. 

During the first rapid shear stage, PSD1 experiences a steep rise in PWP in response to 

the shearing, generating approximately 8kPa of excess PWP which it sustained 

throughout the entire shear. Once shearing ceased (after 300 seconds), the excess PWP 

then dissipated. Similarly, PSD2 initially generates a small amount of excess PWPs 

rapidly in response to shearing, reaching a maximum of 7.4kPa after 100 seconds. 

Unlike PSD1 however, the excess PWP generated begins to slowly dissipate as soon as 

the peak value is reached. Contrasting the behaviour observed in the PSD1 and PSD2 
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samples, PSD3 generates excess PWP relatively slowly in response to shearing, 

reaching a maximum of only 3.8kPa after 220 seconds. Following this peak, excess 

PWPs slowly dissipate back to the baseline value of 150kPa.  

Following the completion of the first shearing stage and the stabilisation of PWPs, a 

second rapid shear stage was carried out on each of the three PSD samples. It is 

important to note that the first shearing stage altered the physical properties of the 

samples. Critically, all samples consolidated during shearing (Figure 5.11). PSD1 

experienced an axial strain of 3.37%, PSD2 experienced 2.20%, and PSD3 experienced 

the least axial strain of 1.74%.  

In the second rapid shear stage, all three samples exhibited a very similar PWP 

response to shearing. All samples experienced a steep rise in PWP to a maximum 

value, with PSD1 generating the most excess PWP at 34kPa, PSD2 generating 24kPa, 

and PSD3 generating the least at 14kPa; analogous to the behaviour observed in the 

first rapid shear stage. The PWP then fell in all three samples after reaching its peak 

value at a much faster rate than observed in the first rapid shear test, with PSD1 

sustaining its excess PWP for the longest, and PSD3 draining the quickest. The PSD2 

and PSD3 samples displayed slightly different draining behaviour to that of PSD1. The 

excess PWPs in the PSD1 sample drained completely after reaching a peak value, 

whereas the PSD2 and PSD3 samples had drained the majority of excess PWPs after 

around 150 seconds before they then stabilised, and in the case of PSD3 increasing 

again slightly. Following the end of the test (300 seconds), PSD1 displayed a small, 

sharp increase in PWP, which was a product of the DBPSB adjusting once the test had 

finished and is not related to the sample behaviour.  

While PSD1 was able to generate the most excess PWP, and PSD3 generated the least, 

just like the behaviour observed in the first rapid shear stage, the amount of PWP 

generated was significantly different. All samples generated more than three times the 

amount of excess PWP in the second rapid shear stage than in the first, indicating a 

strong relationship between decreasing sample volume (decreasing void ratio) and the 

maximum amount of PWP generated (Figure 5.12).  
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Figure 5.12: Relationship between sample volume and maximum generated PWP. 

In general, we can see from the rapid direct shear tests that the presence of finer 

material (PSD1 and PSD2) generates higher and sustains longer excess PWP, while the 

coarse material (PSD3) generates less and drains quicker. Furthermore, we also see 

that with increasing density the amount of excess PWPs generated increases across all 

samples. 

5.2.4 Pore pressure inflation testing  

A series of specialist PPI tests were carried out on all three sample types to better 

understand their deformation behaviour in response to changing pore-pressure 

conditions. During these tests, the effective normal stress of the samples was reduced 

by increasing the PWP at a linear rate of 5kPa/hour until failure was reached. 

Linear PPI on normally consolidated samples 

The first set of linear PPI tests were carried out on samples that were normally 

consolidated under an effective stress of 150kPa. 

The results indicate all three samples display slightly different failure characteristics in 

response to increased PWPs; Figure 5.13 correlates the initiation of deformation during 

PPI testing with the CFEs obtained for each material during direct shear testing; Figure 

5.14 displays datasets obtained from the entire test period, while Figure 5.15 displays 

the pre-failure deformation that occurred in more detail. 

There is a strong correlation between the onset of deformation observed during PPI 

testing and the CFEs obtained for each of the materials (Figure 5.13). Noticeable 

deformation in the PSD1 sample began at a p’ value of ~90kPa, while the CFE is 
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located at p’ = 98kPa. An equally strong correlation was observed in the PSD2 and 

PSD3 samples, with noticeable deformation in both samples initiating at p’ value of 

approximately 105kPa, while the attained CFEs are situated at p’ = 108 and 106kPa 

respectively. 

 

Figure 5.13: Correlation between CFEs obtained during conventional direct shear testing and onset of 
deformation during PPI testing. Black-solid line = PSD1 CFE, Black-dotted line = PSD2 CFE, Black-dashed 

line = PSD3 CFE. 

All three materials experienced deformation to failure during PPI testing. This was 

characterised by an initial period of zero displacement until a yield stress was 

surpassed, where each material then underwent slightly varying periods of pre-failure 

deformation, before finally experiencing rapid acceleration to failure (Figure 5.14; 

Figure 5.15 B, D, F). 

After an initial phase of little/no displacement, PSD3 begins deforming at the equal 

lowest effective stress (~105kPa) of the samples and undergoes a relatively long period 

of pre-failure deformation (~20,000 seconds). This pre-failure deformation is 

characterised by an approximately linear trend in acceleration, punctuated by small 

spikes in velocity, until reaching ~0.0007mm/second (Figure 5.15 F). Following this 

point, the PSD3 sample accelerates hyperbolically until complete failure. Deformation 

in the PSD2 sample initiated at approximately the same effective normal stress as the 

PSD3 sample (~105kPa), however, the period of pre-failure deformation experienced 

was shorter (~17,000 seconds). Ultimately, the PSD2 material was the first to reach 

complete failure. The velocity initially began to increase hyperbolically in the PSD2 

sample until ~0.0003mm/second, before undergoing a short period of linearly 

increasing velocity to ~0.0007mm/second (Figure 5.15 D). This was then followed by 

rapid hyperbolic acceleration to failure. Deformation in the PSD1 material displayed a 

hyperbolic trend in acceleration as soon as deformation began (~90kPa), eventually 

failing at the lowest p’ of the three samples, indicating it requires the highest excess 



69 
 

PWP to induce fail. The PSD1 sample also failed over the shortest period of time 

(~10,000 seconds), indicating it failed the in the most rapid fashion. 

 

Figure 5.14: Deformation behaviour of all three materials normally consolidated at an ENS of 150kPa 
during linear PPI tests. A) Displacement against time, B) Velocity against time, C) Displacement against 

ENS, D) Velocity against ENS. 

The different failure behaviour of the three materials in response to increasing PWP is 

further highlighted when viewing their 1/Velocity trends, with an asymptotic form 

indicating ductile behaviour, while a linear form indicates a more brittle behaviour; a 

technique originally developed by Saito (1965, 1969) and later expanded by Petley et 

al. (2002).  Once deformation had been initiated, the PSD1sample initially displayed a 

period of slightly fluctuating asymptotic trend in 1/Velocity-time space, before 

transitioning to a clear linear trend through to failure after ~67,500 seconds (Figure 

5.15 A). Conversely, both the PSD2 and PSD3 samples displayed a more consistent 

asymptotic trend in 1/Velocity-time space through to failure, exhibiting only very 

minor periods of linearity at the conclusion of the tests (Figure 5.15 C & E). The 
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results of a regression analysis on this deformation period leading to failure further 

clarifies the trends in 1/Velocity-time space, and reveals the statistical significance of 

those trends.  

 

Figure 5.15: Deformation behaviour of the three PSD samples normally consolidated at 150kPa. A) & B) 
PSD1, C) & D) PSD2, E) & F) PSD3. Note: Grey circles = raw data, black lines = averaged data, black-solid 

lines = asymptotic trend in 1/Velocity – time space, black-dashed = linear trend in 1/Velocity – time 
space. 
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Figure 5.16 displays the best-fit lines of the periods preceding failure, while Table 5.3 

presents the coefficients of determination of those, as well as other models, ultimately 

displaying how closely they fit the data.   

The regression analysis demonstrates that the PSD2 sample displays the strongest 

asymptotic trend, with the data showing a high correlation with both a power law (R2 

=0.9770) and exponential model (R2 =0.9856) (Figure 5.16 B). Conversely, while 

PSD1 does exhibit a reasonably strong correlation with both a power law and 

exponential model, it displays the most significant correlation to a linear model (R2 

=0.9151) (Figure 5.16 A). The PSD3 sample does not show as high a correlation as the 

other samples with any models, which is likely the product of the two significant 

declining spikes. In saying this, both the power law (R2 =0.8979) and exponential (R2 

=0.8783) models display a much better fit than the linear model (R2 =0.4839), 

suggesting the sample is displaying a more hyperbolic than linear trend in 1/Velocity-

time space to failure (Figure 5.16 C). Visually, it seems that if the two declining spikes 

were not present, a much more significant hyperbolic fit would be obtained.  

 

Figure 5.16: Regression analysis of the failure behaviour observed during linear PPI tests on different 
PSD samples displaying best fit line for each test. A) PSD1, B) PSD2, C) PSD3. Black-solid line represents 

averaged data, red-dashed line indicates line of best fit. 

 

Table 5.3: Results of regression analysis on pre-failure behaviour in linear PPI tests, displayed as R-
squared values for the functions fitted. 

Test Linear fit Power law fit Exponential fit 

PPILinear1 0.9151 0.8116 0.8240 

PPILinear2 0.8297 0.9770 0.9856 

PPILinear3 0.4839 0.8979 0.8783 
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When analysing the axial strain data from the linear PPI tests (Figure 5.17), it can 

clearly be seen that besides one short period, all samples dilated in response to 

increasing PWPs. The axial strain that occurred in the PSD3 sample during the test 

was the most variable of the three, exhibiting periods of slower and more rapid rates of 

changing axial strain. These variations in rate of axial strain correlate well with 

changes in deformation velocity (Appendix B, Fig. B4). PSD2 displayed the most 

consistent trend, showing a continual, hyperbolic decrease in axial strain throughout 

the entire test. Anomalously, the PSD1 sample contracted towards the end of the test 

after dilating through the early stages. This contraction began shortly after rapid 

acceleration to failure began (Appendix B, Fig. B5).  

 

Figure 5.17: Change in axial strain during linear PPI tests. Note: An increasingly negative value signifies 
sample dilation and decreasing signifies sample contraction 

Linear PPI on over-consolidated sample 

A set of PPI tests were also carried out on two over-consolidated PSD2 samples (OC2 

and OC4), which are compared here with the data obtained from PPI testing on the 

normally consolidated sample to better understand the influence of density on 

movement behaviour. 

All three materials experienced deformation to failure during PPI testing. This was 

characterised by an initial period of zero displacement until a yield stress was 
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surpassed, where each material then underwent slightly varying periods of pre-failure 

deformation prior to rapid acceleration to failure (Figure 5.18; Figure 5.20 B, D, F). 

As described earlier, significant deformation in the normally consolidated PSD2 

sample initiated at p’ ≈  105kPa, and failed over a period of ~16,000 seconds. The 

velocity initially began to increase hyperbolically until 0.0003mm/second, before 

undergoing a short period of linearly increasing velocity to 0.0007mm/second (Figure 

5.20 B). This was then followed by rapid hyperbolic acceleration to failure. The PSD2 

OC2 sample behaves quite differently, with the onset of deformation occurring at a 

much higher p’ value of ~125kPa. The sample fails over a period of ~12,500 seconds, 

initially accelerating to a velocity of approximately 0.0002mm/second, before 

remaining constant for a short period (Figure 5.20 D). Following the period of steady 

velocity, the sample accelerated hyperbolically to an initial failure. Following the 

initial failure, however, drainage of the shear surface caused the velocity to stabilise, 

before a continued rise in PWP induced another failure (Figure 5.19). Data following 

the initial failure of the PSD2 OC2 will be ignored, as this secondary failure is a 

product of the method (discussed in section 6.2.1). The PSD2 OC4 sample begins to 

undergo significant deformation at the lowest p’ of all samples (p’ ≈  65kPa) and failed 

over the shortest period (~4000 seconds). The PSD2 OC4 sample initially experiences 

a relatively short period of increasing velocity to 0.0006mm/second between p’ ≈  60-

45kPa, characterised by greater fluctuations than the other samples (Figure 5.20 F). 

After reaching a velocity of ~0.0006mm/second, the sample accelerated extremely 

rapidly towards failure, displaying a hyperbolic trend in velocity-time space. During 

this phase of acceleration to failure, a slight reduction in the effective stress occurs, 

suggesting the shear surface may be draining, causing a slight reduction in PWPs 

(Figure 5.18 C). 
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Figure 5.18: Plots comparing the effect of consolidation history on deformation behaviour during linear 
PPI tests on PSD2 samples. Note: OC2 = over-consolidated ratio of two, OC4 = over-consolidation ratio 

of four. 

 

Figure 5.19: Complete velocity profile of the PSD2 OC2 sample during PPI test. Note: An Initial failure 
occurs, before drainage of the shear surface causes a drop in PWP (increase in p') resulting in the 

stabilisation of velocity before another failure develops. Red-dashed line indicates sample drainage 
following initial failure. 

The normally consolidated PSD2 sample initially displays a fluctuating asymptotic 

trend in 1/Velocity-time space, before transitioning to a smoother asymptotic trend for 
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the majority of its deformation. Just prior to the conclusion of the test, the sample 

exhibits a very minor period of linearity. The PSD2 OC2 sample displays a very 

similar trend to that of the PSD2 sample, characterised by an initially fluctuating 

asymptotic trend which evens out before a short period of linearity prior to failure. The 

1/Velocity trend exhibited by the PSD2 OC4 sample is substantially different to the 

others, initially displaying a slightly asymptotic, but highly fluctuating 1/Velocity 

trend, before evolving into a linear trend after ~88,300 seconds. This period of 

linearity prior to failure is much longer than those that occurred in the PSD2 and PSD2 

OC2 samples. To better understand these trends observed in 1/Velocity-time space, a 

regression analysis was undertaken to emphasise the appropriateness of the trends and 

reveal their closeness of fit. 
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Figure 5.20: Deformation behaviour of the three PSD2 materials with different consolidation histories. 
A) & B) PSD2, C) & D) PSD2 OC2, E) & F) PSD2 OC4. Note: Grey circles = raw data, black lines = averaged 

data; black-solid lines = asymptotic trend in 1/Velocity – time space, black-dashed = linear trend in 
1/Velocity – time space. 
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Figure 5.21 displays the best-fit lines of the periods preceding failure in 1/Velocity-

time space, while Table 5.4 presents the statistical significance of those fits, as well as 

the fit of other models.  

The regression analysis demonstrates that the PSD2 sample displays the closest fit to 

an asymptotic trend, with the data showing a high correlation with both a power law 

(R2 =0.9625) and exponential model (R2 =0.9736) (Figure 5.21 A). Similarly, the 

PSD2 OC2 sample also displays a strong correlation to both a power law (R2 =0.9217) 

and exponential model (R2 =0.8981), indicating a strong asymptotic trend (Figure 5.21 

B). In contrast, the PSD2 OC4 displays a much closer correlation to a linear model (R2 

=0.9031), than either the power law or exponential models (R2 = 0.6490 and 0.6524 

respectively) (Figure 5.21 C). This indicates a much more linear trend is exhibited by 

the PSD2 OC4 sample during PPI testing, as indicated previously. 

 

Figure 5.21: Regression analysis of the failure behaviour in linear PPI tests on samples with different 
consolidation histories displaying best fit line for each test. A) PSD2, B) PSD2 OC2, C) PSD2 OC4. Black-

solid line represents averaged data, red-dashed line indicates line of best fit. 

 

Table 5.4: Results of regression analysis on pre-failure behaviour in linear PPI tests on samples with 
different consolidation history, displayed as R-squared values for the functions fitted. 

Test Linear fit Power law fit Exponential fit 

PPILinear2 0.8112 0.9625 0.9736 

PPILinear2 OC2 0.6996 0.9217 0.8981 

PPILinear2 OC4 0.9031 0.6490 0.6524 

 

Axial strain data from PPI testing on all PSD2 samples identifies a common trend of 

sample dilation across all tests (Figure 5.22). The normally consolidated PSD2 sample 

displayed a continual, hyperbolic decrease in axial strain throughout the entire test, 
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ultimately undergoing the smallest amount of dilation in response the PPI. Similarly, 

the PSD2 OC4 sample also displayed a smooth, continual hyperbolic decrease in 

sample dilation. However, the PSD2 OC4 sample experienced well over double the 

total amount of dilation as the other two samples. While still dilating for the entire test, 

the PSD2 OC2 sample revealed a more inconsistent pattern. Initially, the sample 

experienced a hyperbolic increase in dilation, but is then punctuated by a kink, where 

an increase in the rate of dilation increases. This kink corresponds to the onset of rapid 

deformation in the PSD2 OC2 sample (Appendix B, Fig. B6). 

 

Figure 5.22: Change in axial strain experience by PSD2 samples during PPI testing. Note: an increasingly 
negative value indicates sample dilation is occurring. 

5.3 Summary of key results from DBPSB testing 

A series of specialist DBPSB tests were undertaken on samples of fill material taken 

from the Priscilla Crescent landslide site to study the potential rainfall-induced failure 

mechanisms.  

Rapid shear testing 

During rapid direct shear testing, all samples displayed contractive behaviour and were 

able to generate excess PWPs. The maximum generated PWP, rate of generation, and 

rate of diffusion were influenced by both the particle-size and consolidation history. 

The PSD1 material was able to generate the most PWP the quickest, and sustain it for 

the longest, while the PSD2 sample generated slightly less at a similar rate, but drained 

much quicker. The PSD3 sample generated the least excess PWP the slowest, and 

drained them the quickest. Furthermore, increased sample density resulted in the 
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generation of over three times more excess PWP across all samples, and was also 

associated with an increased rate of diffusion. 

Pore-pressure inflation (PPI) testing 

All samples initially experienced a period of zero displacement before the onset of 

deformation during PPI testing, with the length of the period influenced by both 

particle-size and consolidation history. Deformation initiated first (at the highest 

effective stress) in PSD3 and PSD2 samples, while deformation began much later 

(lowest effective stress) in the PSD1 sample. The OC2 PSD2 sample began deforming 

before the normally consolidated PSD2 sample, while the OC4 sample began 

deforming much later.  

Once deformation began, samples experienced varying periods of pre-failure 

deformation, before undergoing final acceleration to failure. Pre-failure deformation 

was characterised by roughly asymptotic trends in 1/Velocity-time space, before 

transitioning to a more linear trend leading up to final failure. The relative duration of 

the asymptotic and linear trends was strongly influenced by both the particle-size and 

consolidation history of the sample, with all but the PSD1 and OC4 PSD2 samples 

displaying asymptotic trends for the majority of the deformation period. Contrastingly, 

both the PSD1 and OC4 PSD2 sample exhibited strong components of linearity in 

1/Velocity-time space. 
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6 Discussion 
 

This chapter combines the specialist laboratory testing results with existing knowledge 

and literature to develop an understanding of failure mechanisms and post-failure 

behaviour of fill slopes. The results are first used to evaluate whether liquefaction is a 

credible failure mechanism in fill materials. The influence of particle-size distribution 

and consolidation history of fill slopes on failure behaviour are then considered. These 

interpretations provide new insight into the potential failure mechanisms observed 

during the recent rainfall-induced fill slope failures in the Wellington Region, and the 

future hazards they may pose. 

Note: during the discussion and conclusions, the samples will be referred to as fine 

(PSD1), mixed (PSD2), and coarse (PSD3), to better convey the effect of the different 

particle-size ranges.  

6.1 Deformation mechanism: is liquefaction a credible model for failure? 

As outlined in Section 2.7, liquefaction is typically characterised as a rapid, fluidised 

failure caused by a sudden loss in shear strength in response to a rise in pore-water 

pressure. Although this mechanism has been attributed to many catastrophic fill slope 

failures (e.g. Bishop, 1973; Take et al., 2004), it was not observed during this study. 

During all PPI tests movement initiated at very slow displacement rates, indicating a 

gradual deformation mechanism, consistent with steady-state ductile behaviour 

observed in other laboratory studies (Ng & Petley, 2009). This observation 

unequivocally demonstrates that liquefaction was not responsible for triggering failure 

in any of the samples (Figure 6.1).  

 

Figure 6.1: Conceptual diagram displaying the difference between the observed deformation behaviour 
and what liquefaction-induced deformation would look like. Note: observation trend only represents 

the early stage of observed deformation (Stage 2, Figure 6.2). 



81 
 

During the initial stages of PPI testing, little or no measurable displacement was 

observed in all samples (Stage 1, Figure 6.2). This behaviour can be interpreted as 

plastic deformation (Ng, 2007; Selby, 1993), and has previously been observed during 

laboratory testing studies (e.g. Anderson & Sitar, 1995; Ng, 2007). This behaviour 

occurs as the stress state during the early period of the tests is inadequate to surpass 

each materials’ yield stress (Selby, 1993). Referring to behaviour at the particle level 

within this phase, the applied shear stress is likely insufficient to overcome the inter-

particle contacts of the material (Ng, 2007). Once this yield stress was surpassed as a 

result of increasing pore-water pressure, ductile deformation was observed to initiate in 

all samples (Stage 2, Figure 6.2). 

 

Figure 6.2: Observed stages of failure development during PPI testing. 1), 2), 3) represent different 
stages of failure development. Note: steady-state deformation (stage 2), is characterised by a constant 
velocity for a given stress state, however, as the stress state was constantly reducing during PPI testing, 

we see a slow, constant increase in velocity.  

During stage 2, all samples displayed asymptotic trends in 1/Velocity-time space 

which is characteristic of either ductile deformation or failure along pre-existing shear 

surfaces (Kilburn & Petley, 2003; Petley et al., 2002). As all samples had not 

previously been sheared, it suggests that each sample initially experienced a steady-

state ductile failure mechanism, where the displacement rate increases to a constant 
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value for a given stress state. This interpretation is consistent with the behaviour 

observed in other laboratory testing on remoulded and non-cohesive materials (Ng, 

2007). Most samples deformed via this mechanism for the majority of the test, before a 

final failure was induced by the DBPSB (discussed in more detail in Section 6.2.1). 

Two samples, however, transitioned from an asymptotic to linear trend in 1/Velocity-

time space during the early stages of deformation (Figure 5.15 A; Figure 5.20 E). This 

transition to linearity indicates that strain localisation occurred within a more focused 

shear zone, resulting in rapid movements through the development of a shear surface 

(Stage 3, Figure 6.2). The patterns of movement observed during these tests are 

consistent with the micro-crack model proposed by Petley et al. (2005) (discussed in 

Section 2.6.4), which has been demonstrated in both laboratory (Petley et al., 2008) 

and field (Cooper et al., 1998) studies.  

Despite the variation in failure mechanisms observed during the experiments, the 

progressive movement in each instance indicates that liquefaction did not occur in any 

of the samples. While liquefaction may not be a credible model of slope failure, 

however, contractive behaviour and pore pressure responses measured during rapid 

shear tests suggests that the material could be susceptible to post-failure liquefaction.  

During rapid shearing, while displaying slightly varying trends, all samples both 

contracted and generated excess pore-water pressure. Observing this behaviour is 

significant, as contractive behaviour in a saturated soil is widely suggested to have an 

important control on landslide movement behaviour, potentially causing a transition 

from stable to unstable motion (Schulz et al., 2009). This occurs as soil contraction 

causes a reduction in pore-space that rapidly increases pore-water pressure, reducing 

the mean effective stress and enabling a landslide to accelerate rapidly. This landslide 

failure mechanism has been observed in both laboratory (Okura et al., 2002; Wang & 

Sassa, 2003) and field studies (Sassa, 2000). Based on these results, it is suggested that 

one of two fundamentally similar but slightly different mechanisms may facilitate a 

transition from stable to unstable motion in the fill slopes through either: 1) a dilatancy 

feedback mechanism, as proposed by Iverson (2005), or 2) a sliding-surface 

liquefaction mechanism as proposed by Sassa (2000); Sassa et al. (1996). 

Both the mechanisms proposed by Iverson (2005) and Sassa (2000) are conceptually 

similar, and characterised by an initial failure, which can subsequently cause rapid, 

liquefied landslide behaviour (Figure 6.3). Iverson’s proposed dilatancy feedback 
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model is based on a feedback between shear-surface dilation/contraction and pore-

water pressure, as discussed in Section 2.6.3. This model is consistent with laboratory 

based studies by Iverson et al. (1997) and Iverson et al. (2000), who observed 

transformations from landslides in a steady state, to rapid, liquefied flows. The 

requirement of this model is that the initial density state of a soil is below the critical-

state density, thus allowing contraction and the consequent evolution in behaviour. 

Similarly, Sassa’s (2000) sliding-surface liquefaction model is based on the premise 

that an initial failure causes shear-zone contraction resulting in the generation of 

excess pore-water pressure and a transition to rapid, fluidised failure. However, as 

discussed in Section 2.7, and contrary to Iverson’s dilatancy model, Sassa specifies 

that shear-zone contraction is caused by shear-induced grain crushing, and does not 

depend on a soil being below a critical-state density.  

Although the results obtained from this study are insufficient to differentiate which of 

these two mechanisms may operate during failure in the fill samples, both mechanisms 

and subsequent behaviours are fundamentally the same. This suggests that all samples 

are susceptible to post-failure liquefaction and consequently, rapid, liquefied failure 

behaviour. Critically, it is the initial failure which causes liquefaction, and not 

liquefaction that causes the initial failure. 
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Figure 6.3: Conceptual diagram showing the stages of failure for the suggested landslide-induced 
liquefaction mechanism responsible for fluidised failure. Note A) specifies sliding surface liquefaction as 

proposed by Sassa (2000), whereas B) refers to general contraction of the shear-zone as discussed by 
Iverson (2005). 
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6.2 The effect of particle-size on movement behaviour 

Although similar trends of deformation were observed across the three different 

sample types, the particle-size distribution clearly influenced both the failure behaviour 

during PPI testing, and the potential susceptibility to post-failure liquefaction. 

6.2.1 Observed movement behaviour 

At the beginning of PPI tests, the samples experienced a period of little/no 

displacement, interpreted as plastic deformation behaviour. Using the initiation of 

movement as an indication for the yield stress for each of the materials (Selby, 1993), 

we can observe that particle size influences the effective stress at which deformation 

initiates. The yield stress for the fine sample is equal to a p’ of ~90kPa, the lowest of 

the three samples, while the yield stress for the mixed and coarse samples were 

approximately the same at p’≈  105kPa. These results indicate that the fine and 

possibly also the mixed samples had cohesive bonds present.  

Given the fine material has the lowest effective internal angle of friction (φ’) but failed 

at the lowest effective normal stress suggests cohesion is likely to have been present in 

the sample. This is not unexpected as electrostatic bonding is found between clay and 

silt sized particles which are present in the fine material (De Blasio, 2011). The mixed 

sample also contains clay and silt particles, and failed at approximately the same 

effective stress as the coarse sample while displaying a slightly lower φ’ value, 

suggesting a small amount of cohesion may also have been present. This behaviour 

indicates that the mixed and coarse samples are the most susceptible to pore-water 

pressure induced failure as they require the smallest reduction in effective normal 

stress to initiate deformation, while the fine sample requires a greater decrease in 

effective stress to initiate failure. 

Once the effective normal stress was low enough to overcome each materials yield 

stress, deformation was observed. In all samples, this was characterised by ductile 

deformation behaviour, as identified by the asymptotic trend in 1/Velocity-time space 

(Figure 5.15). This ductile deformation continued until the asymptotic trend in 

1/Velocity-time space progressed to a linear trend indicating the onset of brittle 

deformation. The occurrence of this transition, however, varied considerably between 

samples. This change from asymptotic to linear form in 1/Velocity-time space is best 

illustrated by plotting log 1/Velocity against time, where an asymptotic trend will 

appear linear, and linearity will be demonstrated by a downward arcing line. 
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In the fine sample, a transition in behaviour from a ductile to brittle deformation style 

was observed relatively early in the test and is best illustrated in log 1/Velocity-time 

space (Figure 6.4 A). This suggests that only a small amount of ductile deformation 

occurs in the sample before strain localisation occurs and more rapid failure is induced. 

This behaviour is consistent with the previous experiments on cohesive soils which 

have been interpreted as a brittle deformation (Carey & Petley, 2014; Petley et al., 

2005). Brittle deformation occurs as a reduction in the effective stress leads to micro-

crack development proximal to the future-shear surface, which with a continual 

decrease in the effective stress culminates in the formation of a complete shear-surface 

and brittle failure (Carey & Petley, 2014; Petley et al., 2005). 

Conversely, the transition to the linear trend in both the mixed and coarse samples is 

not observed until much later in the test (~17,000 and 23,000 seconds), after the onset 

of ductile deformation at ~46,500 and ~43,500 seconds respectively (Figure 6.4 B & 

C). This indicates that ductile deformation is the dominant mechanism acting during 

failure in those samples, and that observing linearity late in the deformation period is 

likely the product of the method. The direct shear nature of the DBPSB forces 

deformation to occur along a discrete shear zone towards the conclusion of the test, as 

displacing the lower half of the sample chamber relative to the top will eventually 

compel deformation to occur along the specified shear zone (Figure 6.5).  
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Figure 6.4: Investigating stages of asymptotic and linear trends of 1/Velocity – time space during PPI 
testing on different PSD samples. A) fine, B) mixed, C) coarse. Dark grey shading highlights asymptotic 
form, light grey highlights linear form. Note in a log plot of 1/Velocity – time, an asymptotic trend will 

appear as a linear line, whereas a linear trend will be indicate by a downward curving line. 
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Figure 6.5: Final position of a sample in the DBPSB displaying how strain is induced in direct shear. Note 
the design of the apparatus ultimately forces deformation along the shear zone. Figure modified from 

Brain et al. (2015). 

Secondly, the ability of strain to concentrate in the fine material relatively soon after 

deformation begins, suggests that the fine particle-size allows strain to localise much 

more easily than a coarse particle-size. Additionally, the presence of coarse particles in 

the mixed (and coarse) sample retards the localisation of strain. Normalising the 

1/Velocity and time data further helps evaluate the different trends by creating scales 

that enable the trends to be overlain (Figure 6.6).  

 

Figure 6.6: Normalised 1/Velocity and time data comparing the shapes of the 1/Velocity trends 
obtained from PPI testing on different PSD samples. 

Figure 6.6 reveals that the shape of the curves for the fine and mixed samples are very 

similar and may indicate that the fine particle content in those samples has a dominant 

role during deformation. The fine and mixed asymptotic trends are broadly consistent 
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for most of the test and only diverge as the fine sample starts to display linearity, while 

the mixed sample maintains an asymptotic trend. This further reiterates the 

interpretation that the presence of coarse particles in the mixed material is prohibiting 

the localisation of strain to a more confined shear zone.  

Interestingly, these results imply that while the mixed and coarse materials are the 

most susceptible to rainfall-induced failure, landslides in these materials will likely 

exhibit ductile movement behaviour, where velocities accelerate to a constant value for 

a given stress state. On the other hand, the fine material appears to be less susceptible 

to rainfall-induced failure, however, the results indicate that it could be more prone to 

rapid accelerations to failure. 

Although the coarse material displayed ductile failure behaviour, the trend is 

significantly different to both the mixed and fine samples. This reflects the spikes in 

displacement rate that were experienced as deformation developed (Figure 5.15 F), 

similar to the stick-slip movement type suggested by Allison and Brunsden (1990). A 

key difference, however, is that in this case, the periods of episodic increases in 

movement rate are interspersed with continuous displacement instead of zero 

displacement. As noted in Section 5.2.4, these spikes correlate well with changes in the 

axial strain occurring (Appendix B, Fig. B4). The results demonstrate that as the 

velocity begins to increase, sample dilation also accelerates. This is then followed by a 

reduction in the velocity back towards the typical trend, mirrored by a subsequent fall 

in dilation rate. This behaviour strongly suggests a negative feedback mechanism, such 

as the one proposed by Iverson (2005), between sample dilation and pore-pressure is 

operating in the coarse sample that ultimately hinders runaway acceleration. This 

feedback has been observed in both field (Schulz et al., 2009) and laboratory (Moore 

& Iverson, 2002) studies. As the movement rate accelerates due to rising pore-water 

pressures, sample dilation accelerates, which can cause either the pore-water pressure 

to reduce, or the rate of pore-water pressure increase to slow. This impedance to the 

system ultimately acts to arrest accelerating movement. Once the pore-water pressure 

is able to sufficiently develop again, the same process can then occur. This implies that 

the coarse material is also susceptible to an episodic style of landslide movement, 

similar to the stick-slip movement type proposed by Allison and Brunsden (1990), and 

to that observed by Schulz et al. (2009) in the Slumgullion landslide in Colarado, 

USA. 
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6.2.2 Influence on potential post-failure liquefaction 

While all samples displayed contractive behaviour and a subsequent predisposition to 

rapid, fluidised failure, they also displayed differing characteristics which imply their 

susceptibility likely varies considerably (Figure 5.10). Crucially, each sample 

generated differing amounts of excess pore-water pressure in response to shearing, and 

similarly showed different rates of pore-water pressure dissipation. 

The fine material generated the most excess pore-water pressure, generated it the 

quickest, and also sustained it for the longest period. The mixed material generated 

only slightly less than the fine sample at a similar rate, however dissipated it much 

quicker. And the coarse material generated the least, and dissipated it the quickest. 

These results are consistent with the behaviour observed by Wang and Sassa (2003), 

and indicate the significant control particle-size has on pore-water pressure generation 

and dissipation behaviour. These differing behaviours can most likely be attributed to 

the different permeability of the samples (Iverson & LaHusen, 1989; Iverson et al., 

1997; Wang & Sassa, 2003). 

As shown by Iverson and LaHusen (1989) and Iverson et al. (1997), the pore-water 

pressure generated by a landslide is predominantly controlled by the landslide velocity 

and deformation, as well as the permeability of the landslide material. Suggesting, that 

given the same conditions, a landslide comprised of a less permeable material will 

generate greater excess pore-water pressures when compared to a landslide with 

greater permeability, as the greater permeability allows for more efficient drainage 

(Wang & Sassa, 2003). Given this, and the consistent conditions used during testing, it 

is reasonable to assume that the fine material is the least permeable of the three 

samples, closely followed by the mixed, while the coarse material is the most 

permeable; consistent with the current understanding of the influence of grainsize on 

permeability (e.g. Beard & Weyl, 1973; Shepherd, 1989; Terzaghi et al., 1996). These 

differing behaviours have significant implications for the possibility of landslide-

triggered liquefaction in the materials, and are ultimately associated with the ability of 

pore-water pressure to enhance landslide mobility by facilitating flow-like behaviour 

(e.g. Legros, 2002; Schulz et al., 2009).  

Critically, if excess pore-water pressure is able to persist, or is generated during 

landslide motion, a transition from a stable, to a more unstable type of movement can 

occur (Iverson, 2005; Iverson et al., 1997; Legros, 2002; Schulz et al., 2009). This 
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being said, a material which either: 1) is able to generate greater amounts of pore-water 

pressure, or 2) sustain generated pore-water pressures for longer, will therefore be 

more susceptible to unstable motion. This suggests that the fine and mixed samples are 

more predisposed to post-failure liquefaction than the coarse sample, as they are able 

to generate greater pore-water pressures and/or sustain them for longer. This finding is 

consistent with the results of other laboratory based testing such as the work by Wang 

and Sassa (2003) and Okada et al. (2004), who both found a similar relationship 

between permeability and susceptibility to flow-like behaviour. 

Specifically, the findings made by Wang and Sassa (2003) strongly support the results 

obtained in this study, regarding the effect of particle-size on pore-water pressure 

generation and dissipation. Furthermore, the work by Wang and Sassa also provides a 

clear link to the consequence on potential landslide movement behaviour. Utilizing a 

flume device to simulate rainfall-induced landsliding on silica sand samples with 

different particle-size distributions and fine-particle contents, Wang and Sassa (2003) 

found that a coarse sand had a tendency to fail retrogressively, while a finer sand 

exhibited more rapid flow-slide behaviour, offering three key reasons as to why: 1) the 

finer silica sand was able to generate greater pore-water pressure during failure, 2) the 

coarser silica sand dissipated the generated pore-water pressure quicker due to its 

greater permeability, and 3) the finer sand is more likely to float due to the smaller 

grainsize.  

The results from this study clearly support existing literature in highlighting how the 

relationships between landslide initiation mechanism and the generation and 

dissipation of pore-water pressures are fundamental controls on landslide mobility. Fill 

slopes with a large difference between the rate of pore-water generation and 

dissipation with have higher susceptibility to fluidised failure behaviour and higher 

mobility, while fill slopes with either a small, or no difference will have low mobility 

and are less likely to be susceptible to fluidised failure.  

6.3 The effect of consolidation history on movement behaviour 

The consolidation history was also found to have an influence on the initiation of 

deformation, the pattern of deformation, and also how the samples generate and sustain 

pore-water pressure. This indicates that fill slope compaction has a strong control on 

the potential failure mechanisms and landslide behaviour.  
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6.3.1 Observed movement behaviour  

Consistent with the normally consolidated sample, both the OC2 and OC4 samples 

initially experience a period of little/no displacement, indicating the samples may be 

behaving as a plastic material (as discussed previously) (Selby, 1993). The yield point, 

however, differed between samples, indicating rainfall-induced landslide deformation 

initiates under different conditions depending on the density of the material. The 

normally consolidated mixed sample had a yield stress of p’ ≈  105kPa, while the OC2 

and OC4 mixed samples had yield stresses of p’ ≈  120 and 65kPa respectively. This 

suggests that the OC2 sample was weakest of the three samples. OC4 was significantly 

stronger.  

It was anticipated that over-consolidating the samples would increase the shear 

strength, as greater consolidation produces a denser sample, which results in an 

increase in the internal angle of friction as the inter-particle contacts strengthen 

(Terzaghi et al., 1996). The relationship between the internal angle of friction and 

shear strength is shown in Equation 2.3. While this explains why the OC4 sample is 

the strongest of the three materials, it does not explain why the OC2 sample was able 

to deform at the highest effective normal stress. It is likely this behaviour is observed 

because sample OC2 did not consolidate a significant amount more than the normally 

consolidated sample (Figure 5.4 C). In comparison, during consolidation, the OC4 

sample experienced 12% more axial strain than the normally consolidated (Linear PPI) 

sample, while the OC2 sample only experienced 2% more. These results suggest that 

the amount of consolidation experienced by the OC2 sample was not sufficiently 

different to that experienced by the normally consolidated sample, and suggests that 

the sample physical properties were not significantly different. Furthermore, as the 

OC2 sample was weaker, sample variability has likely also played a role. Once the 

yield stress was surpassed, deformation behaviour was analogous to that observed in 

PPI testing on the different particle-size samples, initiating via a ductile mechanism.  

Deformation initiates in the normally consolidated and OC2 samples as a ductile 

mechanism after ~46,500 and 28,000 seconds respectively, displayed strong 

asymptotic trends in 1/Velocity-time space. This behaviour carries on for the majority 

of the deformation period (~17,000 and 12,000 seconds respectively), before 

transitioning to a linear trend just prior to the conclusion of the test (Figure 5.20; 

Figure 6.7 A & B). This suggests that the dominant failure mechanism operating in 
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both samples is ductile, while observing linearity so late in the deformation period may 

be a product of the testing method (discussed in Section 6.2). The similarity in the 

observed failure behaviour between these two samples is consistent with the earlier 

notion that the OC2 sample did not consolidate to a significantly different state to that 

of the normally consolidated sample. This interpretation is further supported by the 

similarity of the normalised 1/Velocity-time curves (Figure 6.8), which show the OC2 

and normally consolidated samples exhibit relatively similar behaviours, while the 

OC4 sample displayed a significantly different trend.  

The deformation behaviour of the OC4 material is significantly different than that of 

the normally consolidated and OC2 mixed samples, displaying a much greater 

component of linearity in 1/Velocity-time space. Initially, the OC4 sample displays a 

broadly asymptotic trend consistent with ductile deformation. However, unlike the 

normally consolidated and OC2 samples, this asymptotic form becomes linear at a 

much earlier stage of deformation, only ~3,500 seconds after ductile deformation 

initiates at the 85,000 second mark (Figure 6.7 C). This indicates that strain is 

concentrating and coalescing in a more confined shear zone, suggesting shear-surface 

development and brittle failure is occurring. Failure via this mechanism is ultimately 

responsible for the rapid acceleration to failure observed.  

These results illustrate that significant over-consolidation results in brittle deformation, 

while normal consolidation of remoulded materials results in ductile deformation. This 

finding is consistent with similar findings made elsewhere (e.g. Carey & Petley, 2014; 

Hatibu & Hettiaratchi, 1993; Petley et al., 2005), and in particular, correlates well with 

the observation that failures in over-consolidated clays are characterised by 

deformation occurring along discrete shear bands due to strain localisation (Palmer & 

Rice, 1973; Viggiani et al., 1994). 
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Figure 6.7: Investigating stages of asymptotic and linear trends of 1/Velocity – time space during PPI 
testing on samples with different consolidation history. A) mixed, B) mixed OC2, C) mixed OC4. Dark 

grey shading highlights asymptotic form, light grey highlights linear form. Note: in a log plot of 
1/Velocity – time, an asymptotic trend will appear as a linear line, whereas a linear trend will be 

indicate by a downward curving line. 
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Figure 6.8: Normalised 1/Velocity and time data comparing the shapes of trends observed in 1/Velocity-
time from PPI testing on samples with different consolidation history. 

These interpretations imply that the consolidation history of fill slopes will have a 

significant impact on the mechanisms of landslide movement and failure behaviour. 

The normally consolidated and OC2 mixed samples, which consolidated to similar 

states, are the most susceptible to rainfall-induced failure as they failed at the highest 

effective normal stress. However, while they are the most susceptible to failure, they 

both displayed a ductile failure mechanism. This indicates steady-state failure 

behaviour, where landslide velocity increases towards a constant value for any given 

stress state. Contrastingly, the OC4 mixed sample is the least susceptible of the three 

samples to rainfall-induced failure, owing to the significantly greater sample density 

and resulting increase in shear strength. Although, when failure was induced in the 

sample, it was characterised by brittle failure. This indicates that the OC4 mixed 

sample is prone to rapid failure behaviour, and could poses a much greater hazard in 

certain conditions.  

6.3.2 Influence on potential post-failure liquefaction 

Results from rapid shear testing suggest that consolidation history may also have an 

influence on the susceptibility of the material to post-failure liquefaction, as it was 

observed to influence the pore-water pressure generation and dissipation characteristics 

of the three different particle-size samples.  

All samples consolidated during the first rapid shear test, indicating that they had 

increased in density during the first shear (Figure 5.11). During the second rapid shear 

stage, all three samples generated at least three times more excess pore-water pressure 
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than in the first test, with the rate of pore-water pressure generation and dissipation 

also increasing (Figure 5.10). Both the amount of excess pore-water and the rate of 

increase is likely the result of changes in the physical properties of the samples altered 

by further consolidation. Specifically, it is expected that the increased density of the 

sample would have acted to reduce the permeability (e.g. Terzaghi et al., 1996; Wang 

& Sassa, 2003). As discussed in Section 6.2.2, this reduction in permeability would 

explain the observed increase in excess pore-water pressure generation and also the 

increased rates at which they were generated. However, the decrease in sample 

permeability would also be expected to decrease the rate of dissipation, yet the 

drainage rate was observed to increase significantly in all samples. This suggests that a 

more efficient drainage path developed inside the samples, which could be the result of 

two factors. 

Firstly, as a result of the method, the sample had already been sheared prior to the 

second rapid shear test. This means that a shear surface/zone and preferential drainage 

paths had already been developed within the sample. As a result, when the second 

rapid shear test took place, the excess pore-water generated would have more readily 

been able to drain from the shear surface/zone through the already well-established 

drainage paths. Furthermore, in Section 6.3.1, it was suggested that increased sample 

density resulted in strain localisation within a discrete shear zone. Applying the same 

reasoning, that increased density allows greater strain localisation, may also have 

contributed to the increased rate of diffusion. Strain localisation in the denser samples 

may have helped develop a more defined shear zone and better connected drainage 

paths, which again may allow excess pore-water to drain more rapidly from the shear 

zone. While this drainage is possible in the DBPSB, it is likely in a landslide that 

(approximately) undrained conditions would exist, so the rapid diffusion observed in 

the test may not occur. 

The inferences made here, suggest that the consolidation history of a slope is likely to 

have a strong influence on the potential for post-failure liquefaction to occur. 

Importantly, as discussed previously (Section 6.2.2), soil material that is able to 

generate greater excess pore-water pressure, or sustain it for longer, is more likely to 

develop into rapid, fluidised landslide. As such, the increase in sample density, and 

resultant reduction in permeability observed during rapid shear testing indicates that 

the slopes that have experienced more consolidation are more prone to develop into a 
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rapid, fluidised failure via either of Iverson’s (2005) or Sassa’s (2000) mechanisms. 

However, it should be noted that it is widely accepted that a critical-state soil density 

exists (as briefly mention in Section 6.1). Whereby, a soil that’s density state is above 

that material’s critical point (i.e. is denser than), will experience sample dilation rather 

than sample contraction (e.g. Iverson, 2005; Iverson et al., 2000; Schulz et al., 2009). 

This dilation would, in turn, act to retard landslide movement through a reduction in 

pore-water pressure.  

Crucially, this provides an important stipulation for the potential development of 

fluidised failure via Iverson’s proposed mechanism. Although the increased density of 

the samples during the second rapid shear test meant they were more likely to develop 

into a fluidised failure, it is not correct to say that increasing sample density leads to 

increased susceptibility to fluidised failure. This is because once the density state is 

above the critical value, sample contraction is replaced by sample dilation, and the 

potential for fluidised failure decreases markedly as dilation acts to reduce the pore-

water pressure. Furthermore, studies such as those by Wang and Sassa (2001) and 

Wang and Sassa (2003) illustrate that an optimal density index exists for maximum 

pore-water pressure generation post-failure. This optimal value varies for every 

material type, however, represents a density value at which the greatest amount of 

pore-water pressure is generated. As the sample density decreases from this value, the 

ability to generate excess pore-water pressure during shearing reduces. Likewise, as 

the density increases from the optimal value towards the critical value, and the 

propensity for sample contraction to occur decreases, the ability to generate excess 

pore-water pressure also reduces (Figure 6.9). 

 

Figure 6.9: Conceptual diagram displaying relationship between sample density and pore-water 
pressure generation. 
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On the other hand, with regards to Sassa’s (2000) proposed mechanism, as long as 

grain-crushing and consequent shear-zone contraction can still take place, these results 

suggest that increasing the sample density will likely increase the susceptibility to 

post-failure liquefaction. 

6.4 Implications for Wellington’s fill slopes 

As described in Section 3.2, there have been several significant landslides since 2006 

which have raised concerns of the susceptibility of some of Wellington’s fill slopes to 

rainfall-induced, rapid, fluidised failure. The 2013 and 2017 failures in the Wellington 

suburb of Kingston, and the 2006 failure in the Lower Hutt suburb of Kelson, all 

displayed fluidised failure characteristics, analogous to some catastrophic failures 

observed globally (Figure 3.6). These failure behaviours signalled that liquefaction is a 

plausible mode of failure, and would be consistent with findings from many 

catastrophic, rainfall-induced fill slope failures (e.g. Bishop, 1973; Hungr et al., 2002). 

Although the results from this study demonstrate that liquefaction is unlikely to be the 

triggering mechanism responsible for these failures, testing demonstrated that excess 

pore-water pressures can develop during rapid shearing.  

Therefore, the most credible mechanism for explaining the recent fluidised failures in 

Wellington’s fill slopes is progressive failure where post-failure liquefaction of the 

shear zone occurs, consistent with the findings made by others (e.g. Iverson, 2005; 

Okada et al., 2004; Sassa, 2000; Schulz et al., 2009; Wang & Sassa, 2003). This 

identification has important implications, as it provides practitioners with new insight 

that can aid their ability to identify those slopes that are susceptible to failure, 

consequently allowing them to develop the most effective management practices to 

mitigate their future hazard.  

Based on a geomorphic analysis of the three fill slope failures, convergent topography, 

such as gully-heads and other topographic hollows, develop the most vulnerable 

conditions. This is due to the potential for high permanent water tables resulting from 

groundwater concentration, or the increased likelihood for saturated conditions to 

develop during rainfall events owing to the localisation of drainage. Additionally, for a 

fill slope to be susceptible to post-failure liquefaction, the fill material must contract 

upon shearing. This stipulates that the fill must either, 1) be susceptible to grain-

crushing and/or the breakdown of aggregates, or 2) be in a density state below the 

critical-state value so that sample contraction can occur.  
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Based on the necessary conditions, two mitigation strategies can immediately be 

suggested. Firstly, consolidation of the fill material beyond the critical-state density 

value may help mitigate the potential for shearing-induced contraction. However, as 

grain-crushing may have been responsible for the behaviour observed during rapid 

direct shear testing, this should not be the only measure employed without further 

research. The best mitigation approach is likely through effective slope drainage in 

vulnerable locations. Specifically, ensuring that drainage in fill slopes located in 

convergent topography is sufficient, so that high permanent water tables are not 

present, and that saturated conditions are unable to readily develop during heavy 

rainfall. 
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7 Conclusions 
 

This study has investigated mechanisms of rainfall-induced failure in fill slopes 

through a series of specialist tests carried out using a dynamic back-pressured shear 

box. Patterns of displacement and pore-water pressure response identified potential 

mechanisms of failure development for Wellington’s fill slopes.  

The results demonstrate that both the consolidation history and particle size 

composition of fill slopes have a significant influence on shear surface formation. Non-

cohesive and normally-consolidated material begins deforming in response to the 

lowest pore-water pressures and has a tendency to display ductile failure behaviour. 

This indicates that although the non-cohesive and normally consolidated material is the 

most susceptible to rainfall-induced failure, it will display steady-state, less rapid 

failure behaviour.  

Fine grained (cohesive), or over-consolidated materials, require the highest amount of 

pore-water pressure to initiate failure, and exhibit a brittle style of deformation where 

strain localises and develops a confined shear surface. This indicates, that while fine 

grained and over-consolidated fill is less susceptible to rainfall-induced failure, the 

material may be prone to more rapid failure behaviour if pore-water pressure is 

sufficient enough in the slope. 

Shear zone liquefaction as a result of increasing pore-water pressure was not observed 

in any of the fill materials suggesting that the shear surface did not form through this 

process in the conditions tested. Excess pore-water pressures were generated in 

response to rapid shearing, however, suggesting that post-failure liquefaction could 

occur in certain conditions once a landslide has been triggered. This post-failure 

liquefaction would require pore-water pressures to be sufficiently elevated and 

sustained within a shear zone that does not have adequate drainage. 

These results have been used to develop a conceptual model of how debris flow-slides 

may develop from fill slopes during rainstorms. This model is broadly consistent with 

those previously proposed by Sassa (2000) and Iverson (2005), requiring shearing-

induced contraction of the shear zone and the subsequent generation of excess pore-
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water pressures. If sufficient pore-water pressures are generated and sustained, 

liquefaction can then occur.  

The model indicates that fluidised, long runout fill slope failures require certain 

conditions to occur. Firstly, convergent topography that acts to concentrate 

groundwater flow and/or drainage during rainfall is necessary to develop the saturated 

conditions that are required. Secondly, soil that is not only susceptible to shearing-

induced contraction, but also has a permeability that allows the generated pore-water 

pressures to be sufficiently maintained, is necessary. 

This study has provided new insight which could improve the ability to identify 

susceptible slopes and develop management practices to mitigate their future hazard.  

Specifically, based on the conditions identified as conducive to liquidised failure 

behaviour, the most suitable mitigation strategies are the effective drainage of 

vulnerable slopes and appropriate consolidation of fill material. 

7.1 Recommendation for future research 

Whilst this study has identified a credible mechanism of failure for the observed 

fluidised fill slope landslides in the Wellington Region, this empirical data could now 

be used to underpin future fill slope hazard research. 

Although rapid direct shear testing identified that post-failure liquefaction is a credible 

model for explaining the fluidised failures in Wellington’s fill slopes, the data was not 

able to deduce if the grain-crushing or simple contraction mechanisms, if not both, 

were observed. Carrying out detailed particle-size analysis on a sample prior and post 

direct rapid shear testing would allow this differentiation to be made, if it was the case 

that only one of the mechanisms was acting.  

Pore-pressure inflation (PPI) testing that replicated rainfall-induced failure was 

successfully undertaken, it should also be acknowledged that rainfall can fall with 

various intensities and patterns, which would likely result in differing patterns of 

displacement and potentially different failure mechanisms. Carrying out further PPI 

scenarios, using different rates and/or patterns of pore-water pressure change, would 

help development a much more complete picture of how fill slopes may fail under 

various rainfall conditions.  

Additionally, another avenue of research which would further develop a more 

complete picture of the hazard posed by rainfall-induced fill slope failures in 
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Wellington is the effect of seismicity. With multiple active faults running through the 

region, Wellington experiences large amounts of seismic activity each year. While 

seismicity alone can be responsible for landsliding, it also has the potential to alter the 

physical properties of the fill material, and in turn, influence their susceptibility to 

rainfall-induced failure. Prior to PPI testing, using the DBPSB to run a series of tests 

that replicate the effects of seismicity on the fill material will help illustrate how the 

susceptibility to rainfall-induced failure evolves with seismic activity. In addition to 

the findings from this thesis, testing for the effects of seismicity will further the 

understanding of researchers and practitioners regarding the hazard posed by 

Wellington’s fill slopes.
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Appendix A: Atterberg limit testing sheet 
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Appendix B: DBPSB testing results 
 

 

Fig. B1: Consolidation that occurred during CFE testing on sample PSD1 

 

Fig. B2: Consolidation that occurred during CFE testing on sample PSD2 
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Fig. B3: Consolidation that occurred during CFE testing on sample PSD3 

 

 

Fig. B4: Comparing Velocity and axial strain during linear PPI test on the PSD3 sample.  
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Fig. B5: Comparing Velocity and axial strain during linear PPI test on the PSD1 sample.  

 

Fig. B6: Comparing Velocity and axial strain during linear PPI test on the PSD2 OC2 sample.  

 


